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worldwide liquefaction database are used to conduct the effective stress analysis. A 

simple tool correlating the liquefaction probability, estimated excess pore water 

pressure and peak ground acceleration is proposed. Preliminary risk zones in these 

two provinces were identified. 
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CHAPTER 1 

 

INTRODUCTION 

 

1.1  OVERVIEW 

 

Thai people were not concerned about earthquake until recent occurrence of 

several moderate earthquakes. On April 22, 1983, an earthquake of magnitude 5.9 on 

the Richter scale occurred near a dam site in Kanchanaburi, about 200 kilometers 

from Bangkok, the capital city of Thailand. The main tremor of this earthquake was 

felt all over the western part and most of the central part of the country. Five years 

later (November 6, 1988), an earthquake of magnitude 7.3 hit the southern part of 

China near the Burmese border. This earthquake was felt in Bangkok even though the 

epicenter was at a distance of more than 1,000 kilometers; this is a consequence of 

Bangkok’s deep, soft-alluvial soil which tends to amplify the motion of incoming 

seismic waves. On September 29 and October 1 of the following year, several 

moderate earthquakes (5.3-5.4 on the Richter scale) hit the northern part of Thailand 

along the Burmese border. In the city of Chiang Mai, about 180 kilometers from the 

epicenter, the intensity of ground shaking was rated as VI on the Modified Mercalli 

Intensity (MMI) scale. Fortunately, the strong ground shaking in the vicinity of these 

earthquake epicenters have never coincided with any town or city, hence neither 

buildings have been destroyed nor people have been killed so far. However, damage 

from the 11 September 1994 Phan earthquake in northern Thailand being quickly 

followed by the 17 January 1995 Kobe earthquake served as a wake up call to the 

people of Thailand. Examples of recent earthquakes felt in Thailand are summarized 

in Table 1.1. 

Among the northern provinces of Thailand, Chiang Mai and Chiang Rai were 

selected as the studied area because of the following reasons: 
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1. They are located close to some of the recently found active faults. 

2. They are the most densely populated areas in the north. 

3. They are underlain by layers of soft to medium clay and/or loose to medium dense 

sand at shallow depths as illustrated by Anantasech and Thanadpipat (1985). The 

existence of the loose to medium dense sand layer at shallow depths (2 – 8 m from 

ground surface) implies a certain liquefaction risk of those two provinces. 

4. From the metropolitan records of both provinces, more than 80% of housings (1 – 

2 stories building) in the center of the cities were built on shallow foundation. 

These are the structures most prone to damages due to liquefaction and/or partially 

increase in excess pore water pressure. 

5. Figure 1.1 shows evidences indicating the occurrence of liquefaction in a 

suburban area in Chiang Mai. Trace of sand extruding into the upper gravel layer 

clearly indicates past liquefaction of the lower sand layer. 

 

Therefore, in the present study, the soil amplification and the liquefaction 

potential of subsoil induced by medium earthquakes in both provinces are 

investigated. Although full initialization of liquefaction may not be the case, partial 

development of excess pore water pressure might cause damages to 1 – 2 stories 

housing which is usually built on ground or short piles. A preliminary study is 

therefore needed to survey the liquefaction susceptibility of the areas. Integration 

among field parameters, probabilistic study, and dynamic analytical results is used as 

a primary tool for further detail evaluation. 

Figure 1.2 shows the general methodology adopted. There are three main 

information required in the procedure, including: 

 



 3

(a) Subsurface information. Around 50 existing boring logs were collected from each 

province. The sub soils in both provinces are subject to wide variation. 

Nevertheless, layers of loose to medium dense sand are found at depths of 2 – 8 m 

in most of the area. 

(b) Laboratory determination of liquefaction resistance. Existing cyclic triaxial tests 

determining the liquefaction resistance of sand were used to obtain some effective 

stress parameters required in the effective stress analysis (Iai et al., 1992). 

(c) Existing liquefaction database (Liao and Whitman, 1986a). Since there is no 

liquefaction database existing for Thailand, the worldwide liquefaction database is 

used as a reference for determination of other related parameters. 

 

Those three components shall be integrated to obtain a specific tool or 

guideline for indicating earthquake liquefaction potential in the studied area. 

 

1.2 OBJECTIVE AND SCOPE 

 

The major objectives of this thesis are: 

 

1) To quantify the potential amplification of earthquake ground motions in the city of 

Chiang Mai and Chiang Rai due to soil effects. The scope of the study is the 

selection of a range of peak rock outcrop accelerations and appropriate 

acceleration time histories to be used based on the seismicity of the region. 

2) To develop simple and practical procedures for evaluating liquefaction risk. 

Charts similar to a semi-empirical chart such as that shown in Figure 1.3 are 

developed, but with lines corresponding to various liquefaction probability values. 

3) To evaluate the liquefaction potential and susceptibility of sands in the city of 

Chiang Mai and Chiang Rai due to medium earthquakes (M = 5.5) based on 

probabilistic approach. 
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4) To develop guidelines and charts for analysis and evaluation of the generation of 

pore water pressure of sands in the city of Chiang Mai and Chiang Rai due to 

medium earthquakes corresponding to various probability values using finite 

element analysis. The parameters used in the analysis are obtained by back-fitting 

the calculated results with experimental data from undrained cyclic triaxial tests. 

 

Scope and outline of the thesis are as follows: 

 

The thesis mainly focuses on the evaluation of the potential amplification of 

earthquake ground motions, the liquefaction potential and susceptibility of sands, and 

the generation of pore water pressure due to medium earthquakes (M = 5.5) in the city 

of Chiang Mai and Chiang Rai. The evaluations were based on subsoil data, geology 

of the area, and the seismicity of Chiang Mai and Chiang Rai. Subsoil data were 

collected in the form of boring logs through standard penetration tests (SPT) from the 

consulting/engineering firms. 

Chapter 2 of this thesis presents a review of the theoretical background about 

basic seismology, earthquake characteristics, Seismic response analysis, dynamic soil 

properties for seismic response analysis, soil amplification in earthquake engineering, 

and the methods for evaluation of liquefaction resistance of soils. 

Chapter 3 describes the profile of the studied area. 

Chapter 4 shows the evaluation of the amplification of earthquake ground 

motions in the city of Chiang Mai and Chiang Rai. Subsequently, the analysis results 

and discussion are presented. 

Chapter 5 describes the catalog of liquefaction case studies which is used to 

develop liquefaction probability charts in this research. A description of the logistic 

regression method for evaluating the liquefaction resistance is presented and logistic 

models of liquefaction occurrence are then formulated. 

In Chapter 6, the laboratory test results on undrained cyclic triaxial of sands 

were used to obtain some effective stress parameters required in the effective stress 

model. After the model parameters have been completely obtained, the finite element 
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method is used to estimate pore water pressure. Finally, charts and guidelines for 

analysis and evaluation of the generation of pore water pressure of sands due to 

medium earthquakes corresponding to various probability values are presented. 

A summary of the thesis, the conclusions drawn from the research, and 

suggestions for future work, are presented in Chapter 7. 



CHAPTER 2 

 

LITERATURE REVIEW 

 

2.1 INTRODUCTION 

 

In this chapter, the theoretical background and a review of the previous work 

about basic seismology, earthquake characteristics, seismic response analysis, 

dynamic soil properties for seismic response analysis, soil amplification in earthquake 

engineering, and evaluation of liquefaction resistance of soils are presented. 

 

2.2 BASIC SEISMOLOGY 

 

2.2.1 THE NATURE OF EARTHQUAKES 

 

An earthquake is an oscillatory, sometimes violent movement of the Earth’s 

surface that follows a release of energy in the Earth’s crust. This energy can be 

generated by a sudden dislocation of segments of the crust, a volcanic eruption, or 

man-made explosion. Most of the destructive earthquakes, however, are caused by 

dislocations of the crust. When subjected to geologic forces from plate tectonics, the 

crust initially strains (i.e., bends and shears) elastically. For pure axial loading, 

Hooke’s law gives the stress that accompanies this strain. 

 

  εσ E=         (Axial Loading)                                 (2.1) 

  

As rock is stressed, it stores strain energy, U. The elastic strain energy per 

unit volume for pure axial loading is:  
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2
σε

=U        (Axial Loading)                                 (2.2) 

 

When the stress exceeds the ultimate strength of the rocks, the rocks break 

and quickly move or snap into new positions. In the process of breaking, the strain 

energy is released and seismic waves are generated. This is the basic description of 

the elastic rebound theory of earthquake generation. These waves travel from the 

source of the earthquake (known as the epicenter or focus) to more distant location 

along the surface of and through the Earth. Some of the vibrations are of high enough 

frequency to be audible, while others are of very low frequency with periods of many 

seconds and thus are inaudible. 

 

2.2.2 EARTHQUAKE TERMINILOGY 

 

The epicenter of an earthquake is the point on the Earth’s surface directly 

above the focus (also known as the hypocenter). The location of an earthquake is 

commonly described by the geographic position of its epicenter and its focal depth. 

The focal depth of an earthquake is the depth from the Earth’s surface to the focus. 

These terms are illustrated in Figure 2.1. Earthquakes with focal depths of less than 

approximately 60 kilometers are classified as shallow earthquakes. Very shallow 

earthquakes are caused by the fracturing of brittle rock in the crust or by internal 

strain energy that overcomes the friction locking opposite sides of a fault. 

Intermediate earthquakes, whose causes are not fully understood, have focal depths 

ranging from 60 to 300 kilometers. Deep earthquakes may have focal depths of up to 

700 kilometers. 

 

2.2.3 SEISMIC WAVES 

 

Seismic waves are of three types: compression, shear, and surface waves. 

Compression and shear waves travel from the hypocenter through the Earth’s interior 
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to distant points on the surface. Only compression waves, however, can pass through 

the Earth’s molten core. Because compression waves (also known as longitudinal 

waves) travel at great speeds (5800 m/s in granite) and ordinarily reach the surface 

first, they are known as P-waves (for “primary waves”).  

Shear waves (also known as transverse waves) do not travel as rapidly (3000 

m/s in granite) through the Earth’s crust and mantle as do compression waves. 

Because they ordinarily reach the surface later, they are known as S-waves (for 

“secondary waves”). Instead of affecting material directly behind or ahead of their 

lines of travel, shear waves displace material at right angles to their path. While S-

waves travel more slowly than P-waves, they transmit more energy and cause the 

majority of damage to structures. The speed at which P-waves and S-waves travel 

varies with the stiffness of materials they travel through. 

Surface waves, also known as R-waves (for “Rayleigh waves”) or L-waves 

(for “Love waves”), may or may not form. They arrive after the primary and 

secondary waves. In granite, R-waves move at approximately 2700 m/s. The types of 

seismic waves are shown in Figure 2.2. 

 

2.3 EARTHQUAKE CHARACTERISTICS 

 

2.3.1 INTENSITY SCALE 

 

The intensity of an earthquake is based on the damage and other observed 

effects on people, buildings, and other features. Intensity varies from place to place 

within the disturbed region. An intensity scale consists of a series of responses, such 

as people awakening, and movement of furniture. Although numerous intensity scales 

have been developed, the scale encountered most often in the world is the Modified 

Mercalli Intensity (MMI) scale, originally developed in 1902 by the Italian 

seismologist Mercalli and modified in 1931 by the American seismologists Harry 

Wood and Frank Neumann.  



 9

The Modified Mercalli scale consists of 12 increasing levels of intensity 

(expressed as Roman numerals following the initials MM) that range from 

imperceptible shaking to catastrophic destruction. The lower numbers of the intensity 

scale generally are based on the manner in which the earthquake is felt by people. The 

higher numbers are based on observed structural damage. The numerals do not have a 

mathematical basis and therefore are more meaningful to nontechnical people than to 

those in technical fields. The Modified Mercalli intensity scale is shown in Table 2.1. 

 

2.3.2 RICHTER MAGNITUDE SCALE 

 

In 1935, Charles F. Richter of the California Institute of Technology 

developed the Richter magnitude scale to measure earthquake strength. The 

magnitude, LM , of an earthquake is determined from the logarithm of the amplitude 

recorded by a seismometer. Adjustments are included in the magnitude to compensate 

for the variation in the distance between the various seismometers and the epicenter. 

Because the Richter magnitude is a logarithmic scale, each whole number increase in 

magnitude represents a ten-fold increase in measured amplitude. 

Richter magnitude is expressed in whole numbers and decimal fractions. For 

example, a magnitude of 5.3 might correspond to a moderate earthquake. A strong 

earthquake might be rated at 7.3. Great earthquakes have magnitudes above 7.5. 

Earthquakes with magnitudes of 2.0 or less are known as micro-earthquakes are rarely 

felt by people. Several thousand seismic events with magnitudes of approximately 4.5 

or greater occur each year and are strong enough to be recorded by seismometers all 

over the world. Earthquakes of this size and below have little potential to cause 

structural damage. The magnitude of an earthquake depends on the length and breadth 

of the fault slip, as well as on the amount of slip. 
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2.3.3 RICHTER MAGNITUDE CALCULATION 

 

The Richter magnitude, LM , is calculated from the maximum amplitude, A, 

of the seismometer trace, as illustrated in Figure 2.3. A0 is the seismometer reading 

produced by an earthquake of standard size (i.e., a calculation earthquake). Generally, 

A0 is 0.001 mm. 

 

    ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
=

0
10log

A
AML                                                   (2.3) 

 

Equation (2.3) assumes that a distance of 100 kilometers separates the 

seismometer and epicenter. For other distances, the nomograph of Figure 2.4 and the 

following procedure can be used to calculate the magnitude. Due to the lack of 

reliable information on the nature of the Earth between the observation point and the 

earthquake epicenter, an error of 10 to 40 kilometers in locating the epicenter is not 

unrealistic. 

 

Step 1: Determine the time between the arrival of the P- and S-waves. 

Step 2: Determine the maximum amplitude of oscillation. 

Step 3: Connect the arrival time difference on the left scale and the amplitude   

on the right scale with a straight line. 

Step 4: Read the Richter magnitude on the center scale. 

Step 5: Read the distance separating the seismometer and the epicenter from 

the left scale. 

 

Whereas one seismometer can determine the approximate distance to the 

epicenter, it takes three seismometers to determine and verify the location of the 

epicenter. The Richter scale ranges from zero to 8.9 (the largest recorded, Chile 

1960). Because it is a logarithmic scale, an earthquake of 6.0 is 10 times more severe 
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than one of 5.0 and similarly, one of 7.0 is 100 times more severe. The Richter 

magnitude scale is shown in Table 2.2. 

 

2.3.4 PEAK GROUND ACCELERATION 

 

The peak (maximum) ground acceleration, PGA, is easily measure by a 

seismometer or accelerometer and is one of the most important characteristics of an 

earthquake. PGA can be given in various units, including ft/sec2, in/sec2, or m/s2. 

However, it is most common to specify PGA in “g’s” (i.e., as a fraction or percent of 

gravitational acceleration). 

 

         %100
2.32

2sec ×⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
= fta

PGA                                             (2.4) 

                 %100
386

2sec ×⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
= ina

                                            (2.5) 

                 %100
81.9

2

×⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
= sma

                                              (2.6) 

 

Equation (2.7) (as determined by Gutenburg and Richter in 1956) is one of 

many approximate relationships between the Richter magnitude, LM , and the PGA at 

the epicenter. The ground acceleration (in rock) will decrease as the distance from the 

epicenter increases, and for this reason, equations of this type are called attenuation 

equations. 

 

  2
10 027.081.01.2log LL MMPGA −+−=                           (2.7) 

 

Attenuation equations are very site dependent. Since Equation (2.7) was 

developed, newer studies have resulted in better correlations in different formats and 
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for many different locations, but they are based on limited data. Such studies are 

regularly incorporated into revisions of the seismic provisions of building codes. 

 

2.3.5 SEISMOMETER AND ACCELEROMETER 

 

Seismic waves travel through the Earth and are recorded on seismometers. A 

seismometer is the detecting and recording parts of a larger apparatus known as 

seismograph. Seismometers are pendulum type devices that are mounted on the 

ground and measure the displacement of the ground with respect to a stationary 

reference point. Since a seismometer usually records motion in only one orthogonal 

direction, three seismometers are needed to record all components of ground motion. 

Figure 2.3 illustrates a typical seismometer trace, known as a seismogram. 

Note that while seismic activity usually continues for some time after the start 

of the earthquake, the major movement occurs in a concentrated period known as the 

strong phase. The longer the earthquake shakes, the more seismic energy is absorbed 

by buildings; thus, the duration of strong phase shaking greatly affects the damage 

inflicted. The peak acceleration is a spike that imparts no energy. The effective peak 

ground acceleration causes structures to move. 

Seismometers record the varying amplitude of ground oscillations beneath the 

instrument. Sensitive seismometers greatly magnify these ground motions and can 

detect strong earthquakes occurring anywhere in the world. The time, location, and 

magnitude of an earthquake can be determined from the data recorded by seismometer 

stations. Since a seismometer is a spring-mass-dashpot device, it will magnify or 

distort earthquakes with frequencies in certain ranges. The ratio of actual damping to 

critical damping can be changed to minimize such distortion. Good seismometer 

design calls for a damping ratio of between 0.6 and 0.7 with a natural period of 

vibration smaller than the smallest period to be measured.  

An accelerometer (accelerograph) is seismometer mounted in buildings for 

the purpose of recording large accelerations. For this reason, they are also known as 
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strong motion seismometers. The large swings accelerometers record typically exceed 

the scale limits of most seismometers. An accelerometer located in a building does not 

run continually. It triggered by a P-wave and runs for a fixed period of time. 

 

2.3.6 PREDOMINANT PERIOD AND DURATION 

 

A single parameter that provides a useful, although somewhat crude 

representation of the frequency content of a ground motion is the predominant period, 

Tp. The predominant period is defined as the period of vibration corresponding to the 

maximum value of the Fourier amplitude spectrum. To avoid improper influence of 

individual spikes of the Fourier amplitude spectrum, the predominant period is often 

obtained from a smoothed spectrum. While the predominant period provides some 

information regarding the frequency content, it is easy to see from Figure 2.5 that 

motions with radically different frequency contents can have the same predominant 

period. 

The duration of strong ground motion can have a strong influence on 

earthquake damage. Many physical processes, such as the degradation of stiffness and 

strength of certain types of structures and build up of pore water pressures in loose, 

saturated sands, are sensitive to number of load or stress reversals that occur during an 

earthquake. A motion of short duration may not produce enough load reversals for 

damaging response to build up in a structure, even if the amplitude of the motion is 

high. On the other hand, a motion with moderate amplitude but long duration can 

produce enough load reversals to cause substantial damage.   

 

2.3.7 SITE PERIOD 

 

The site (soil) period is now recognized as a significant factor contributing to 

structural damage. When a site has a natural frequency of vibration that corresponds 

to the predominant earthquake frequency, site movement can be greatly magnified. 
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This is known as resonance. Thus the buildings can experience ground motion much 

greater than would be predicted from only the seismic energy release.   

Determining the actual site period is no easy matter. Since the site period can 

be computed precisely from widely available formulas and still be grossly inaccurate.  

 

2.4 DYNAMIC SOIL PROPERTIES 

 

The nature and distribution of earthquake damage is strongly influenced by 

the response of soils to cyclic loading. This response is controlled in large part by the 

mechanical properties of the soil. Geotechnical earthquake engineering encompasses a 

wide range of problems involving many types of loading and many potential 

mechanisms of failure, and different soil properties influence the behavior of the soil 

for different problems. For many important problems, particularly those dominated by 

wave propagation effects, only low levels of strain are induced in the soil. For other 

important problems, such as those involving the stability of masses of soil, large 

strains are induced in the soil. The behavior of soils subjected to dynamic loading is 

governed by what have come to be popularly known as dynamic soil properties. 

Soil properties that influence wave propagation and other low strain 

phenomena include stiffness, damping, poisson’s ratio, and density. Of these, stiffness 

and damping are the most important; the others have less influence and tend to fall 

within relatively narrow ranges. The stiffness and damping characteristics of 

cyclically loaded soil are critical to the evaluation of many geotechnical earthquake 

engineering problems. Not only at low strains but because soils are nonlinear 

materials, also at intermediate and high strains. At high levels of strain, the influence 

of the rate and number of cycles of loading on shear strength may also be important. 

Volume change characteristics are also important at high strain levels.  
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2.4.1 SHEAR WAVE VELOCITY OR SHEAR MODULUS 

 

In geotechnical earthquake engineering analysis such as a seismic site 

response analysis using the equivalent linear method and liquefaction analysis using 

finite element method, which will be explained later, one of the key input parameters 

is the shear modulus (G) at low strain ( ≅γ  5×10-4 %), generally represented as Gmax. 

Though Gmax is difficult to accurately measure in the laboratory due to the effects of 

sample disturbance, it can be readily determined from the shear wave velocity (Vs) 

and the mass density ( ρ ) from the relationship G = ×ρ Vs
2 . With the need to 

estimate values of Gmax or Vs for the soil profiles for the northern part of Thailand, 

particularly Chiang Mai and Chiang Rai, several empirical correlations based on 

available field and laboratory measurements were reviewed. 

Researchers have been attempting to formulate correlations between shear 

modulus or shear wave velocity and various geotechnical parameters for at least thirty 

years. These formulas have evolved from measurements made in both the field and 

laboratory, even though the accuracy of such correlations varies considerably. 

In the following review, due to the difficulty in finding some of the original 

papers, most of the correlations were obtained from the excellent summary report by 

Sykora (1987). The correlations are presented in the units of the original paper when 

available, or in the units as presented by Sykora (1987), which are often U.S. 

Customary units. When any of the correlations are actually used as part of this 

research in subsequent sections, they are converted to the appropriate metric units. 

 

2.4.1.1 CORRELATIONS BASED ON LABORATORY  

            MEASUREMENT  

 

Hardin and Richart (1963) conducted one of the first investigations of 

variables affecting Vs in soils. A resonant column testing device was utilize to load 

cyclically samples of Ottawa sands, crushed quartz sand, and crushed quartz silt. The 
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considered variables were effective confining pressure ( '
0σ ), void ratio (e), moisture 

content, grain size distribution, and grain characteristic. The shear strain amplitude, 

however, was not examined and was kept constantly at 10-5 in/in for all tests. The 

confining pressure and void ratio were shown to apparently have the most influence 

on Vs. Based on the results of their study, Hardin and Richart developed empirical 

equations relating shear wave velocity to void ratio and effective confining with a 

reported accuracy within ± 10 %, and the equations are: 

 

                   2000'
0 <σ  psf;       30.0'

0 ))(0.56119( σeVs −=     (ft/sec)                   (2.8) 

 

                   2000'
0 >σ  psf;       25.0'

0 ))(2.78170( σeVs −=     (ft/sec)                   (2.9) 

 

Seed and Idriss (1970) developed one of the initial simple relationship 

relating small shear strain modulus to undrained shear strength  (Su) based on an 

empirical study of 21 clays involving predominantly laboratory data. They proposed a 

linear relationship between Gmax and Su as follows: 

 

                                                         uSG ⋅= 2002max                                           (2.10) 

 

However, subsequent researchers (Trudeau et al., 1973; Koutsoftas and 

Fischer, 1980; and Egan and Ebeling, 1985) have shown that the ratio Gmax/Su, called 

normalized modulus, is not constant, but depends on undrained shear strength Su, 

overconsolidation ratio (OCR), plasticity index (PI), and effective confining stress 

( '
0σ ). 

Hardin and Drnevich (1972a, 1972b) examined the effect of various 

parameters affecting the stress-strain relations in soils in the strain range of 1% and 

less using results of the resonant column and cyclic simple shear testing. They 

concluded that strain amplitude, effective mean principal stress, and void ratio are 

very important factors, for both clean sands and clays. Furthermore, degree of 
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saturation is very significant for clays. The parameters examined by Hardin and 

Dnervich (1972a) and the effect of these parameters on Gmax are presented in Table 

2.3. 

Using the results of their earlier study, Hardin and Drnevich (1972b) 

subsequently developed a relationship for Gmax as a function of void ratio, OCR, 

plasticity index, and mean effective stress, as shown in Equation (2.11). 

 

                         ( ) 5.0'
2

max 1
973.21230 m

kOCR
e

eG σ⋅⋅
+
−

⋅=  (psi)                         (2.11) 

 

where '
mσ  is the mean effective stress in pounds per square inch (psi), and k is a 

dimensionless parameter that varies with plasticity index as shown in Figure 2.6. 

Kokusho (1980) tested saturated samples of Toyoura sand using cyclic 

triaxial apparatus. From the test data, he proposed a relationship for Gmax as a function 

of void ratio and effective confining stress ( '
0σ ). The relationship is: 

 

                            ( ) 5.0'
0

2

max 1
17.28400 σ⋅
+
−

⋅=
e
eG         (kPa)                             (2.12) 

 

Kokusho, Yoshida, and Esashi (1982) tested undisturbed samples of soft clay 

with plasticity index ranges from 40 to 85 using cyclic triaxial apparatus. They then 

presented the following equation as function of void ratio and effective confining 

stress ( '
0σ ):  

 

                              ( ) 6.0'
0

2

max 1
32.7141 σ⋅
+
−

⋅=
e
eG        (kPa)                            (2.13) 

 

Knox, Stokoe, and Kopperman (1982) tested a 7-ft-cube sample of dry sand 

in a steel frame structure (true triaxial device) and concluded that, for shear wave 

propagating in a principal stress direction, shear wave velocity only depended on the 
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stress in the direction of particle motion and that in the direction of wave propagation. 

Shear wave velocity was found to be independent of the state of stress in the third 

orthogonal direction. Sykora (1987) substituted equation by Knox, et, al. (1982) to 

equation by Hardin and Drnevich (1972b), Equation (2.11), then the result is: 

 

              ( ) 0.0'25.0'25.0'
2

max 1
973.21230 cba

kOCR
e

eG σσσ ⋅⋅⋅⋅
+
−

⋅=  (psi)             (2.14) 

 

where '
aσ  is the effective stress in direction of shear wave propagation, '

bσ  is the 

effective stress in direction of shear wave particle motion, and '
cσ  is the effective 

stress in third (remaining) orthogonal direction, with all stresses being in units of psi. 

Weiler (1988) developed the empirical relationship between Gmax and 

undrained shear strength (Su) of clay, measured in CU triaxial compression test, as 

shown in Table 2.4. 

Dickenson (1994) presented the results of a study of the dynamic response of 

soft and deep cohesive soils during the 1989 Loma Prieta earthquake. He developed a 

nonlinear relationship between shear wave velocity determined from field testing and 

undrained shear strength for four cohesive soil units in the San Francisco Bay area: 

San Francisco Bay Mud, Yerba Buena Mud, Alameda Formation (marine), and 

Alameda Formation (oxidized). The relationship includes both the soft San Francisco 

Bay Mud as well as the deeper and stiffer old bay clays of the Alameda Formation. 

His proposed relationship is: 

 

                                                  475.018 us SV ⋅=  (ft/sec)                                 (2.15) 

 

where Su, the undrained shear strength, has unit of psf. It should be noted that Su 

determined from unconfined compression, unconsolidated undrained triaxial (TX), 

and consolidated undrained triaxial tests were used directly in Dickenson’s equation. 

Field vane strengths were corrected using Bjerrum’s plasticity-based correlation 
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(Bjerrum, 1972), and the direct simple shear (DSS) strengths were modified using an 

assumed relationship of (Su)TX ≅  1.35(Su)DSS. The relationship showed good 

agreement with the data, but Dickenson suggested that all such relationships be 

verified for specific soils by field testing. 

 

2.4.1.2 CORRELATIONS BASED ON FIELD MEASUREMENT  

 

The disturbance inherent in obtaining soil samples for subsequent laboratory 

testing makes it extremely difficult to measure values of low strain shear modulus 

representative of the in situ conditions, particularly for cohesionless soils. Therefore, 

in situ soil testing, such as the Standard Penetration Test (SPT) and the Cone 

Penetration Test (CPT) have become the primary methods of estimating Vs of soil in 

situ, with the exception of direct measurement. Schmertmann et al. (1978) concluded 

that a properly standardized SPT has a reasonable potential to evaluate shear waves 

velocity. The correlations based on field measurement have developed over the past 

twenty years in soil dynamic toward the estimation of the dynamic behavior of soil 

and the determination of representative constitutive relationships. The following 

suites of correlations represent part of that development. 

 

(a) CORRELATIONS BASED ON DEPTH 

 

The most generally reported shear wave velocity formulas are those that are a 

function of depth, however, these formula usually are presented for specific soils and 

locations (e.g., San Francisco Bay Mud). An example of such a relation is that 

proposed by Fumal (1978) for soil in the San Francisco Bay area. He collected and 

analyzed downhole seismic data from 59 sites throughout the San Francisco Bay 

region and determined a correlation for the variation of Vs with depth: 

 

                                                 20.0471 ZVs ⋅=  (ft/sec)                                 (2.16)              
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where Z is depth in feet. Fumal’s relationship applied not only to San Francisco Bay 

Mud, but to sand, stiff clay, and gravely soil as well. 

 

(b) CORRELATIONS BASED ON SPT N-VALUE 

 

Sakai (1968) postulated soil to be an elastic material, and used both SPT and 

plate bearing test results to evaluate Young’s modulus (E). He then converted the 

Young’s modulus to shear wave velocity by Equation (2.17). 

 

                                                    
)1(2

1
υρ +

⋅=
EVs                                            (2.17) 

 

where ρ  is mass density and υ  is Poisson’s ratio. Sakai then substituted the values of 

Poisson’s ratio ranging from 0.2 to 0.5 and the average strains that were developed 

during the plate bearing test to develop the following equation for sand: 

 

                                          49(=sV  to  5.0)110 N  (ft/sec)                                 (2.18) 

 

where N is the N-value obtained from the SPT. A similar relationship was developed 

by Kanai (1966) based on the results of over 70 microtremor measurements, almost 

entirely sands, to create the equation: 

 

                                              62.062 NVs ⋅=    (ft/sec)                                          (2.19)                         

 

Ohsaki and Iwasaki (1973) analyzed over 200 sets of Vs data, collected by 

predominantly the downhole method, throughout Japan. They developed correlations 

between shear modulus and uncorrected N-value, geologic age and soil type. Osaki 

and Iwasaki then presented the following equation for all soil types: 
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                                          78.0
max 124 NG ⋅=        (tsf)                                          (2.20) 

 

By assuming a constant unit weight of 112.4 pcf (≅  1.80 t/m3), they presented the 

following relationship between Vs and uncorrected N-value: 

 

                                          39.0267 NVs ⋅=        (ft/sec)                                         (2.21) 

 

Ohsaki and Iwasaki (1973) also presented their analysis by classifying to 

geologic age, soil type. The parameters and correlation coefficients are compared and 

shown in Table 2.5, with the form of the equation as: 

 

                                             bNaG ⋅=max        (tsf)                                              (2.22) 

 

Ohta and Goto (1978) accumulated and analyzed almost 300 sets data from 

soil in Japan. The data analysis was carefully thought out regarding shear wave 

velocity, geologic age, depth, N-value, and soil types. They developed 15 empirical 

formulas, with only the 8 best-fit equations shown in Table 2.6, which involve N-

value. 

Imai and Tonuchi (1982) synthesized data from 400 sites throughout Japan, 

1654 sets of data in all, and developed the following equation: 

 

                                              314.0318 NVs ⋅=        (ft/sec)                                    (2.23) 

 

Imai and Touchi also showed relations for shear wave velocity and shear modulus 

from SPT N-value for various soil categories as shown in Table 2.7. 

Seed, Idriss, and Arango (1983) suggested using the following equation for 

sand and silty sand to access shear modulus, Gmax, and shear wave velocity, Vs, using 

N-value: 
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                                                NG ⋅= 65max         (tsf)                                          (2.24) 

 

                                              5.0185 NVs ⋅=        (ft/sec)                                      (2.25) 

 

Sykora and Strokoe (1983) published correlations between the shear wave 

velocity and SPT N-value for cohesionless soils, and the relationship is: 

 

                                          29.0584.100 NVs ⋅=        (m/s)                                    (2.26) 

 

According to Dickenson (1994), the proposed formula by Ohta and Goto 

(1978) can be reasonably be used for sandy soils in the San Francisco Bay area. 

Dickenson (1994) then presented the following formula for cohesionless soil in the 

San Francisco Bay area: 

 

                                        30.0)1(290 +⋅= NVs        (ft/sec)                                  (2.27) 

 

Based on the results of the above review of correlations, several were selected 

as appropriate for the northern area soils. These are presented in the later section. 

 

2.4.2 MODULUS REDUCTION 

 

Laboratory tests have shown that soil stiffness is influenced by cyclic strain 

amplitude, void ratio, mean principal effective stress, plasticity index, 

overconsolidation ratio, and number of loading cycles. The secant shear modulus, 

which will be described in Section 2.5.2, of an element soil varies with cyclic shear 

strain amplitude. At low strain amplitudes, the secant shear modulus is high, but it 

decreases as the strain amplitude increases. The locus of points corresponding to the 

tips of hysteresis loops of various cyclic strain amplitudes is called a backbone (or 

skeleton) curve, as shown in Figure 2.7; its slope at the origin (zero cyclic strain 
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amplitude) represents the largest value of the shear modulus, Gmax. At greater cyclic 

strain amplitudes, the modulus ratio Gsec/Gmax drops to value of lass than 1. 

Characterization of the stiffness of an element of soil therefore requires consideration 

of both Gmax and the manner in which the modulus ratio G/Gmax varies with cyclic 

strain amplitude and other parameters. The variation of the modulus ratio with shear 

strain is described graphically by a modulus reduction curve, as shown in Figure 2.8. 

In early years of geotechnical earthquake engineering, the modulus reduction 

behaviors of coarse- and fine-grained soils were treated separately (e.g., Seed and 

Idriss, 1970). Recent research, however, has revealed a gradual transition between the 

modulus reduction behavior of nonplastic coarse-grained soil and plastic fine-grained 

soils. 

Zen et al. (1978) and Kokushu et al. (1982) first noted the influence of soil 

plasiticity on the shape of the modulus reduction curve; the shear modulus of highly 

plastic soils was observed to degrade more slowly with shear strain than did low-

plasticity soils. After reviewing experimental results from a broad range of materials, 

Dobry and Vucetic (1987) and Sun et al. (1988) concluded that the shape of the 

modulus reduction curve is influenced more by the plasiticity index than by the void 

ratio and presented curves of the type shown in Figure 2.9. These curve show that the 

linear cyclic threshold shear strain is greater for highly plastic soils than for soils of 

low plasticity. This characteristic is extremely important, it can strongly influence the 

manner in which a soil deposit will amplify or attenuate earthquake motions. The PI = 

0 modulus reduction curve from Figure 2.9 is very similar to the average modulus 

reduction curve that was commonly used for sands (Seed and Idriss, 1970) when 

coarse- and fine- grained soil were treated separately. This similarity suggests that the 

modulus reduction curves of Figure 2.9 may be applicable to both fine- and coarse-

grained soils. The difficulty of testing very large specimens has precluded the 

widespread testing of gravelly soils in the laboratory, but available test data indicate 

that the average reduction curve for gravel is similar to, though slightly flatter than, 

that of sand (Seed et al., 1986; Yasuda and Matsumoto, 1993). 
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Modulus reduction behavior is also influenced by effective confining 

pressure, particularly for soils of low plasticity (Iiwasaki et al., 1978; Kokushu, 1980). 

The linear threshold shear strain is greater at high effective confining pressure than at 

low effective confining pressures. The effects of effective confining pressure and 

plasticity index on modulus reduction behavior were combined by  Ishibashi and 

Zhang (1993) in the form: 
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The effect of confining pressure on modulus reduction behavior of low- an high-

plasticity soils is illustrated in Figure 2.10. The influence of various environmental 

and loading conditions on the modulus ratio of normally consolidated and moderately 

overconsolidated clays is described in Table 2.8. 
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2.4.3 DAMPING RATIO 

 

Theoretically, no hyteretic dissipation of energy takes place at strains below 

the linear cyclic threshold shear strain. Experimental evidence, however, shows that 

some energy is dissipated even at very low strain levels, so the damping ratio is never 

zero. Above the threshold strain, the breadth of the hyteresis loops exhibited by a 

cyclically loaded soil increase with increasing cyclic strain amplitude, which indicates 

that the damping ratio increases with increasing strain amplitude. 

Just as modulus reduction behavior is influenced by plasticity characteristics, 

so is damping behavior (Kokushu et al., 1982; Dobry and Vucetic, 1987; Sun et al., 

1988). Damping ratios of highly plastic soils are lower than those of low plasticity 

soils at the same cyclic strain amplitude, as shown in Figure 2.11. The PI = 0 damping 

curve from Figure 2.11 is nearly identical to the average damping curve that was used 

for coarse-grained soils when they were treated separately from fine-grained soils. 

This similarity suggests that the damping curves of Figure 2.11 can be applied to both 

fine- and coarse-grained soils. The damping behavior of gravel is very similar to that 

of sand (Seed et al., 1984a). 

Damping behavior is also influenced by effective confining pressure, 

particularly for soils of low plasticity. Ishibashi and Zhang (1993) developed an 

empirical expression for the damping ratio of plastic and nonplastic soils. Using 

Equation (2.28) to compute the modulus reduction factor, G/Gmax, the damping ratio 

is given by: 
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The influence of various environmental and loading conditions on the damping ratio 

of normally consolidated and moderately overconsolidated soils is described in Table 

2.9. 
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2.5 GROUND RESPONSE ANALYSIS 

 

2.5.1 ONE-DIMENSIONAL GROUND RESPONSE 

 

Geotechnical earthquake engineers are usually confronted with problems of 

determining the spatial and temporal variation of seismic motions in soil profile from 

a motion specified at a single point. Solutions to such problems, which are called as 

ground response problem, are crucial for liquefaction and soil-structure interaction 

analyses. Engineering analyses of ground response usually accept three assumptions: 

(1) ground motions developed near the surface of a soil deposit may be attributed 

merely to the vertical propagation of shear waves, (2) the ground surface, the interface 

between each layer, and the bed rock are essentially horizontal, (3) the material in 

each layer is homogeneous viscoelastic, but nonlinear. From these three assumptions, 

many researchers have developed computer programs to model one-dimensional wave 

propagation through soil (e.g. Schnabel et al., 1972). For one-dimensional ground 

response analysis, the soils and bedrock surface are assumed to extend infinitely in the 

horizontal direction.  

Before describing of the ground response analysis, it is necessary to define 

several terms that are commonly used to describe ground motions. From Figure 2.12a, 

the motion at the surface of a soil deposit is the free surface motion. The motion at the 

base of the soil deposit (also the top of bedrock) is called a bedrock motion. The 

motion at a location where bedrock is exposed at the ground surface is called a rock 

outcropping motion. If the soil deposit was not present, as shown in Figure 2.12b, the 

motion at the top of bedrock would be the bedrock outcropping motion.  

The nonlinear behavior of soil can be practically approximated by the 

equivalent linear method, as will be described below. 
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2.5.2 EQUIVALENT LINEAR METHOD 

 

A typical soil subjected to symmetric cyclic loading as would be expected 

beneath a level ground surface far from adjacent structures, might exhibit a hysteresis 

loop of the type shown in Figure 2.13. This hysteresis loop can be described in two 

ways: first, by the actual path of the loop itself, and second, by parameters that 

describe its general shape. In general terms, two important characteristics of the shape 

of a hysteresis loop are its inclination and its breadth. The inclination of the loop 

depends on the stiffness of the soil, which can be described at any point during the 

load process by the tangent shear modulus, Gtan. Obviously, Gtan varies throughout a 

cycle of loading, but its average value over the entire loop can be approximated by the 

secant shear modulus: 

 

                                                         
c

cG
γ
τ

=sec                                                       (2.30) 

 

where cτ  and cγ  are the shear stress and shear strain amplitude, respectively. Thus 

secG  describes the general inclination of the hysteresis loop. The breadth of the 

hysteresis loop is related to the area, which as a measure of energy dissipation, can 

conveniently be described by the damping ratio: 
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where WD is the dissipated energy, WS the maximum strain energy, and Aloop the area 

of the hysteresis loop. The parameters Gsec and ξ  are often referred to as equivalent 

linear material parameters. For ground response analysis, they are used directly to 

describe the soil behavior. 
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Because some of the most commonly used methods of ground response 

analysis are based on the use of equivalent linear properties, considerable attention 

has been given to the characterization of Gsec and ξ  for different soils. It is important 

to recognize, however, that the equivalent linear model is only an approximation of 

the actual nonlinear behavior of the soil. The assumption of linearity embedded in its 

use has important implications when it is used for ground response analysis. It also 

means that it cannot be used directly for problems involving permanent deformation 

or failure; equivalent linear models imply that the strain will always return to zero 

after cyclic loading, and since a linear material has no limiting strength, failure cannot 

occur.  

The dynamic behavior of soil cannot be analyzed by constant elastic modulus 

and constant damping because these parameters depend on strain level. Nevertheless, 

we can solve the intricate problem by applying the equivalent linear method (Seed 

and Idriss, 1970). A good approximation of the effects of soil nonlinearity on the 

response is modeled by the use of strain compatible shear modulus and damping ratio 

in a sequence of linear analysis through an iterative process. 

In any ground response analysis, the equivalent linear method begins with a 

linear analysis using estimated soil properties, shear modulus (G) and damping ratio 

(ξ ), in each layer of the soil profile. This analysis yields complete time histories of 

shear strain, from which the effective shear strain amplitude is determined for each 

layer. The effective shear strain amplitude, which is function of the magnitude of 

earthquake, is typically taken as 65% of the maximum shear strain. Substituting in the 

calculated effective strain amplitudes, an improved set of shear modulus and damping 

ratio are obtained from suitable soil data curve, as described in Section 2.4.2 and 

2.4.3. A new linear analysis is performed with these properties. The iterative process 

is terminated when the properties from two consecutive analysis, shear modulus and 

damping ratio, differ from each other by less than a specified tolerance (usually 5 to 

10%). This process will usually converge in less than 5 iterations. The output of the 
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last iteration is taken as the final solution to approximate a nonlinear solution. 

Referring to Figure 2.14, the iterative procedure operates as follows: 

 

Step 1: Initial estimates of G and ξ  are made for each layer. The initially 

estimated values usually correspond to the same strain level; the low-strain values 

(0.001%) are often used for the initial estimate. 

Step 2: The estimated G and ξ  values are used to compute the ground 

response, including time histories of shear strain for each layer. 

Step 3: The effective shear strain in each layer is determined from the 

maximum shear strain in the computed shear strain time history. For layer j: 

 

j
i

j
i

eff R )(
max

)( γγ γ ⋅=  

 

where the superscript refers to the iteration number and γR  is the ratio of the effective 

shear strain to maximum shear strain. γR  depends on earthquake magnitude (Idriss 

and Sun, 1992) and can be estimated from: 
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MR γ  

 

Step 4: From this effective shear strain, new equivalent linear value, )1( +iG  

and )1( +iξ  are chosen for the next iteration. 

Step 5: Steps 2 to 4 are repeated until differences between the computed shear 

modulus and damping ratio values in two successive iterations fall below some 

predetermined value in all layers. Although convergence is not absolutely guaranteed, 

differences of less than 5 to 10% are usually achieved in three or five iterations 

(Schnabel et al., 1972). 
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The equivalent linear approach to one-dimensional ground response analysis 

of layered sites has been coded into a widely used computer program called SHAKE 

(Schnabel et al., 1972). 

 

2.6 AMPLIFICATION OF EARTHQUAKE GROUND MOTIONS 

 

Earthquake produces seismic waves that travel in every direction from the 

seismic source. A train of these seismic waves, when recorded by an instrument, is 

manifested as a record of earthquake ground motions. Basic characteristics of strong 

ground motions are influenced by the source, travel path, and modified by local soil 

conditions. In some cases, local soil conditions play a predominant role to the ground 

motion features. Therefore, the concept of soil amplification is defined as 

modification of the input bedrock ground motion by the overlying unconsolidated 

materials. 

The phenomena were initially derived from the great differences in the degree 

of earthquake damage at places about the same distance from the epicenter. Early 

example can be come back to 1923 Kanto earthquake, Japan. Still further, it was 

shown by the strong earthquake in Caracas in 1967. The most notable example was 

1985 Mexico earthquake in which there were the enormous differences in intensities 

of shaking and associated building damage in the different parts of the city. More 

recent two cases are the 1988 Armenia earthquake, Russia and the 1989 Loma Prieta 

earthquake, California, USA. 

 

2.6.1 AMPLIFICATION FACTOR 

 

Amplification factor is defined as the ratio between earthquake ground 

motion intensity on soil surface and that on rock surface. In soft surface layers, 

vibrations are amplified due to multi-reflection phenomena. In order to express the 

degree of magnification quantitatively, it will suffice the corresponding component 
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vibrations of the earthquake wave in the base ground and the waveform at the ground 

surface and obtain the magnification of the latter over the former. In this regard, the 

formula proposed by Kanai (1957) is presented. Kanai (1957) has arrived at the 

formula below by combining the results of the actual measurements with the 

theoretical calculations: 
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where A = soil amplification factor (i.e., ratio of amplitude of response wave at the 

ground surface and that of  incident wave) 

 T = period of component vibration of seismic wave 

 TG = predominant period of surface layer 

 k  = ( ) ( )2211 / βρβρ   

 1ρ  = density of soft surface layer 

 2ρ  = density of base layer 

 1β  = velocity of seismic wave in surface layer 

 2β  = velocity of seismic wave in base layer 

 

The graphical form of this formula is shown in Figure 2.15 in which the 

following properties are recognized in the multiplication of the surface layer: 

 

1. The amplification factor is largest when the period of the input wave coincides 

with the predominant period of the ground. 

2. The ground whose predominant period is longer has a larger ratio of 

magnification. 

3. The amplification factor of ground having very long predominant period becomes 

a constant value 2/(1+k) independent of the period of the input wave. 
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4. The soil amplification factor is more conspicuous for ground having a smaller 

value k than for ground having a larger one. 

 

In fact, the amplitude of the amplification ground motion is a function of the 

shear wave velocity, the density and material damping, the thickness, water content, 

the geometry of the unconsolidated deposits and underlying rock, and where the 

surface of bedrock topography is irregular. 

 

2.6.2 EFFECTS OF LOCAL SITE CONDITIONS ON GROUND 

MOTION 

 

Case histories of ground response in Mexico City (i.e., 1985 Mexico 

earthquake), the San Francisco Bay area (i.e., 1989 Loma Prieta earthquake), and 

many other locations have clearly shown that local site conditions strongly influence 

peak acceleration amplitudes. 

Comparisons of peak acceleration attenuation relationships for sites underlain 

by different types of soil profiles show distinct trends in amplification behavior (Seed 

et al., 1976b). Although attenuation data are scattered, overall trends suggest that peak 

accelerations at the surfaces of soil deposits are slightly greater than on rock when 

peak accelerations are small and somewhat smaller at higher acceleration level, as 

shown in Figure 2.16. Based on data from Mexico City and the San Francisco Bay 

area, and on additional ground response analyses, Idriss (1990) related peak 

accelerations on soft soil sites to those on rock sites, as shown in Figure 2.17. At low 

to moderate acceleration levels (i.e., less than about 0.4g), peak accelerations at soft 

sites are likely to be greater than on rock sites. In some cases, such as Mexico City in 

1985 and the San Francisco Bay area in 1989, relatively small rock accelerations may 

cause high accelerations at the surface of soft soil deposits. At higher acceleration 

levels, however, the low stiffness and nonlinearity of soft soils often prevent them 

from developing peak accelerations as large as those observed on rock. 
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Local site conditions also influence the frequency content of surface motions 

and hence the response spectra (i.e., the variation of peak dynamic response of a 

single-degree-of-freedom system, for different values of its natural frequency or 

period, given a specified input transient motion) they produce. Seed et al. (1976) 

computed response spectra from ground motions recorded at sites underlain by four 

categories of site conditions: rock sites, stiff soil sites (less than 200 ft (61 m) deep), 

deep cohesionless soil sites (greater than 250 ft (76 m) deep), and sites underlain by 

soft to medium-stiff clays and sands. Normalizing the computed spectra (by dividing 

spectral accelerations by the peak ground acceleration) illustrates the effects of local 

soil conditions on the shape of the spectra, as shown in Figure 2.18. The effects are 

apparent: at periods above about 0.5 sec, spectral amplifications are much higher for 

soil sites than for rock sites. At longer periods, the spectral amplification increases 

with decreasing subsurface profile stiffness. Figure 2.18 clearly shows that deep and 

soft soil deposits produce greater proportions of long-period (low-frequency) motion. 

This effect can be very significant, particularly when long-period structures such as 

bridges and tall buildings are founded on such deposits (i.e., the dynamic response of 

long-period structures is increased if the local ground conditions are soft). 

 

2.7 LIQUEFACTION 

 

2.7.1 GENERAL 

 

Liquefaction describes a phenomenon in which cyclic stresses produced by 

ground shaking induce excess pore water pressure in cohesionless soils of sufficient 

magnitude to cause partial or complete loss of shear strength of the deposits. These 

soils may thereby acquire a high degree of mobility, leading to damaging 

deformations. This phenomenon only occurs below the water table, but after 

liquefaction has developed, it can propagate upward into overlying non-saturated soil 

as excess pore water escapes. 
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Liquefaction susceptibility under a given earthquake is related to the 

gradation and relative density characteristics of the soil, the in situ stresses prior to 

ground motion, and the depth of the water table as well as other factors. 

It has long been known that the intensity of ground shaking during earthquake 

and its associated damage to buildings and other properties are affected by the 

geologic and ground conditions. The phenomenon of liquefaction has been reported in 

numerous earthquakes to cause landslides and damage to buildings, but it was more 

dramatically illustrated by widespread building damage and large landslides in the 

Niigata, Japan earthquake of 1964 and the Alaska, USA earthquake the same year. 

Ambraseys (1988) compiled worldwide data from shallow earthquakes to 

estimate a limiting epicentral distance beyond which liquefaction has not been 

observed in earthquakes of different magnitudes (Figure 2.19). The distance to which 

liquefaction can be expected increases dramatically with increasing magnitude. While 

relationships of the type shown in Figure 2.19 offer no guarantee that liquefaction 

cannot occur at greater distances, they are helpful for estimation of regional 

liquefaction hazard scenarios. 

Soil deposits that are susceptible to liquefaction are formed within a relatively 

narrow range of geological environments (Youd, 1991). The depositional 

environment, hydrological environment, and age of a soil deposit all contribute to its 

liquefaction susceptibility. 

Since liquefaction requires the development of excess pore water pressure, 

liquefaction susceptibility is influenced by the compositional characteristics that 

influence volume change behavior. Compositional characteristics associated with high 

volume change potential tend to be associated with high liquefaction susceptibility. 

These characteristics include particle size, shape, and gradation. 

For many years, liquefaction-related phenomena were thought to be limited to 

sands. Finer-grained soils were considered incapable of  generating the high pore 

pressures commonly associated with liquefaction, and coarser-grained soils were 

considered too permeable to sustain any generated pore water pressure long enough 

for liquefaction to develop. 
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Liquefaction of nonplastic silts has been observed (Ishihara, 1984, 1985) in 

the laboratory and the field, indicating that plasticity characteristics rather than grain 

size alone influence the liquefaction susceptibility of fine-grained soils. Coarse silts 

with bulky particle shape, which are nonplastic and cohesionless, are fully susceptible 

to liquefaction (Ishihara, 1993); finer silts with flaky or platelike particles generally 

exhibit sufficient cohesion to inhibit liquefaction. Clays remain nonsusceptible to 

liquefaction, although sensitive clays can exhibit strain-softening behavior (referred to 

as being contractive or flow) similar to that of liquefied soil. 

Liquefaction susceptibility is influenced by gradation. Well-graded soils are 

generally less susceptible to liquefaction than poorly graded soils; the filling of voids 

between larger particles by smaller particles in a well-graded soil results in lower 

volume change potential under drained conditions and, consequently, lower excess 

pore water pressures under undrained conditions. Field evidence indicates that most 

liquefaction failures have involved uniformly graded soils. 

 

2.7.2 CAUSES OF SOIL LIQUEFACTION 

 

The basic cause of liquefaction of sands has been understood, in a qualitative 

way, for many years. If a saturated sand is subjected to ground vibrations, it tends to 

compact and decrease in volume; if drainage is unable to occur, the tendency to 

decrease in volume results in an increase in pore water pressure, and if the pore water 

pressure builds up to the point at which it is equal to the overburden pressure, the 

effective stress becomes zero, the sand loses its strength completely, and it develops a 

liquefied state. 

In more quantitative terms, it is now generally believed that the basic cause of 

liquefaction in saturated cohesionless soils during earthquakes is the buildup of excess 

hydrostatic pressure due to the application of  cyclic shear stresses induced by the 

ground motions. These stresses are generally considered to be due primarily to 

upward propagation of shear waves in a soil deposit, although other forms of wave 
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motions are also expected to occur. Thus, soil elements can be considered to undergo 

a series of cyclic stress conditions as illustrated in Figure 2.20, the stress series being 

somewhat random in pattern but nevertheless cyclic in nature. 

As a consequence of the applied cyclic stresses, the structure of the 

cohesionless soil tends to become more compact with a resulting transfer of stress to 

the pore water and a reduction in stress on the soil grains. As a result, the soil grain 

structure rebounds to the extent required to keep the volume constant, and this 

interplay of  volume reduction and soil structure rebound determines the magnitude of 

the increase in pore water pressure in the soil (Martin et al., 1975). 

As the pore water pressure approaches a value equal to the applied confining 

pressure, the sand begins to undergo deformations. If the sand is loose, the pore water 

pressure will increase suddenly to a value equal to the applied confining pressure, and 

the sand will rapidly begin to undergo large deformations with shear strains that may 

exceed ± 20% or more. If the sand will undergo virtually unlimited deformations 

without mobilizing significant resistance to deformation, it can be said to be liquefied. 

If, on the other hand, the sand is dense, it may develop a residual pore water pressure, 

on completion of a full stress cycle, which is equal to the confining pressure (a peak 

cyclic pore pressure ratio of 100%), but when the cyclic stress is reapplied on the next 

stress cycle, or if the sand is subjected to monotonic loading, the soil will tend to 

dilate, the pore pressure will drop if the sand is undrained, and the soil will ultimately 

develop enough resistance to withstand the applied stress. However, it will have to 

undergo some degree of deformation to develop the resistance, and as the cyclic 

loading continues, the amount of deformation required to produce a stable condition 

may increase. Ultimately, however, for any cyclic loading condition, there appears to 

be a cyclic strain level at which the soil will be able to resist any number of cycles of 

a given stress without further increase in maximum deformation (De alba et al., 1976). 

This type of behavior is termed “cyclic mobility” and it is considerably less serious 

than liquefaction, its significance depending on the magnitude of the limiting strain. It 

should be noted, however, that once the cyclic stress applications stop, if they return 

to a zero stress condition, there will be a residual pore water pressure in the soil equal 
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to the overburden pressure, and this will inevitably lead to an upward flow of water in 

the soil which could have deleterious consequences for overlying layers. Ishihara 

(1996) described the meaning of cyclic mobility as a state where zero effective stress 

or initial liquefaction occurs momentarily whenever there is no applied shear stress (a 

large amount of shear strain can occur after the onset of initial liquefaction) but the 

effective stress regains with the application of shear stress. Mori, Seed, and Chan 

(1978) defined the initial liquefaction with limited strain potential or cyclic mobility 

as a condition in which cyclic stress applications cause limited strains to develop 

either because of the remaining resistance of the soil to deformation or because the 

soil dilates, the pore pressure drops, and the soil stabilizes under the applied loads. 

Liquefaction of sand in this way may develop in any zone of a deposit where 

the necessary combination of in situ conditions and vibratory deformations may 

occur. Such a zone may be at the surface or at some depth below the ground surface, 

depending only on the state of the sand and the induced motions. 

However, liquefaction of the upper layers of a deposit may also occur, not as 

a direct result of the ground motion to which they are subjected, but because of the 

development of liquefaction in an underlying zone of the deposit. Once liquefaction 

develops at a some depth in a mass of sand, the excess hydrostatic pressures in the 

liquefied zone will dissipate by flow of water in an upward direction. If the hydraulic 

gradient becomes sufficient large, the upward flow of water will induce a quick or 

liquefied condition in the surface layers of the deposit. Liquefaction of this type will 

depend on the extent to which the necessary hydraulic gradient can be developed and 

maintained; this, in turn, will be determined by the compaction characteristics of the 

sand, the nature of ground deformations, the permeability of the sand, the boundary 

drainage conditions, the geometry of the particular situation, and the duration of the 

induced vibrations. 
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2.7.3 FAILURE MECHANISMS FOR SLOPE GROUND 

 

2.7.3.1 LATERAL SPREADS 

 

Lateral spreads involve lateral displacement of large, surficial block of soil as 

a result of liquefaction of a subsurface layer (Figure 2.21). Displacement occurs in 

response to the combination of gravitational forces and inertial forces generated by an 

earthquake. Lateral spreads generally develop on gentle slopes (most commonly less 

than 3 degrees) and move toward a free face such as an incised river channel. 

Horizontal displacements commonly range up to several meters. The displaced 

ground usually breaks up internally, causing fissures, scarps, horsts, and grabens to 

form on the failure surface. Lateral spreads commonly disrupt foundations of 

buildings built on or across the failure, sever pipelines and other utilities in the failure 

mass, and compress or buckle engineering structures, such a bridges, founded on the 

toe of the failure. 

 

2.7.3.2 FLOW FAILURES 

 

Flow failures are the most catastrophic ground failures caused by 

liquefaction. These failures commonly displace large masses of soil laterally tens of 

meters and in a few instances, large masses of soil have traveled tens of kilometers 

down long slopes at velocities ranging up to tens of kilometers per hour. Flows may 

be comprised of completely liquefied soil or blocks of intact material riding on a layer 

of liquefied soil. Flows develop in loose saturated sands or silts on relatively steep 

slopes, usually greater than 3 degrees, as shown in Figure 2.22. 
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2.7.4 FAILURE MECHANISMS FOR HORIZONTAL GROUND 

 

2.7.4.1 SAND BOILS 

 

Liquefaction is often accompanied by the development of sand boils. During 

and following earthquake shaking, seismically induced excess pore pressures are 

dissipated predominantly by the upward flow of pore water. This flow produces 

upward-acting forces on soil particles, these forces can loosen the upper portion of the 

deposit and leave it in a state susceptible to liquefaction in future earthquake (Youd, 

1984). If the hydraulic gradient driving the flow reaches a critical value, the vertical 

effective stress will drop to zero and the soil will be in a quick condition. In such 

cases, the water velocities may be sufficient to carry soil particles to the surface. In 

the field, soil conditions are rarely uniform so the escaping  pore water tends to flow 

at high velocity through localized cracks or channels. Sand particles can be carried 

through these channels and ejected at the ground surface to form sand boils. 

Sand boils are of little engineering significance by themselves, but they are 

useful indicators of high excess pore pressure generation. Shaking table (Liu and 

Qiao, 1984) and centrifuge (Fiegel and Kutter, 1992) tests have shown that pore water 

draining from the voids of the loose layers can accumulate beneath the less previous 

layers and form water interlayers, as shown in Figure 2.23. Sand boils can develop 

when the water interlayers break through to the ground surface. Some redistribution 

of soil grains is also likely to accompany the formation of water interlayers; 

specifically the sand immediately beneath the water interlayer may be loosened by the 

upward flow of water toward the interlayer. If such conditions develop beneath an 

inclined ground surface, the presence of the water interlayer and the reduced steady 

state strength of the loosened sand immediately beneath it can contribute to large flow 

deformations. 
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2.7.4.2 GROUND OSCILLATION 

 

The occurrence of liquefaction at depth beneath a flat ground surface can 

decouple the liquefied soils from the surficial soils and produce large, transient 

ground oscillations. The surficial soils are often broken into block (Figure 2.24) 

separately by fissures that can open and close during the earthquake. Ground waves 

with amplitudes of up to several meters have been observed during ground oscillation, 

but permanent displacements are usually small. Prediction of the amplitude of ground 

oscillation at a particular site is very difficult; even detailed nonlinear ground 

response analyses can provide only crude estimates. 

 

2.7.4.3 LOSS OF BEARING STRENGTH 

 

When the soil supporting a building or other structure liquefies and loses 

strength, large deformations can occur within the soil which may allow the structure 

to settle and tip, as shown in Figure 2.25. Conversely, buried tanks and piles may rise 

buoyantly through the liquefied soil. For example, many buildings settled and tipped 

during the 1964 Niigata, Japan, earthquake. The most spectacular bearing failures 

during that event were in the Kawangishicho apartment complex where several four-

story buildings tipped as much as 60 degrees, as shown in Figure 2.26. Apparently, 

liquefaction first developed in a sand layer several meters below ground surface and 

then propagated upward through overlying sand layers. The rising wave of 

liquefaction weakened the soil supporting the buildings and allowed the structures to 

slowly settle and tip. 

 

2.7.4.4 SUBSIDENCE AND SETTLEMENT 

 

In many cases, the weight of a structure will not be great enough to cause the 

large settlements associated with soil bearing capacity failure described above. 
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However, smaller settlements may occur as soil pore water pressures dissipate and the 

soil consolidates after the earthquake. These settlements may be damaging, although 

they would tend to be much less so than the large movements accompanying flow 

failures, lateral spreading, and bearing capacity failures. The eruption of sand boils is 

a common manifestation of liquefaction that can also lead to localized differential 

settlements. 

 

2.8 EVALUATION OF LIQUEFACTION RESISTANCE OF SOILS 

 

A number of approaches to evaluation of the potential for initial of 

liquefaction or liquefaction resistance have developed over the years. In the following 

sections, the most common of these approaches will be reviewed. 

 

2.8.1 DETERMINISTIC APPROACH OR CYCLIC STRESS 

APPROACH 

 

In the 1960s and 1970s, many advances in the state of knowledge of 

liquefaction phenomena resulted from the pioneering work of H.B. Seed and his 

colleagues at the University of California at Berkley. This research was directed 

largely toward evaluation of the loading conditions required to trigger liquefaction. 

This loading was described in terms of cyclic shear stresses, and liquefaction potential 

was evaluated on the basis of the amplitude and number of cycles of earthquake-

induced shear stress. The general approach has come to be known as the cyclic stress 

approach. 

Seed and Lee (1966) defined initial liquefaction as the point at which the 

increase in pore pressure is equal to the initial effective confining pressure (i.e., when 

'
3cexcessu σ=  or when pore pressure ratio, ur  = 100%). Because most of the early 

laboratory testing investigations were based on cyclic triaxial tests on isotropically 
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consolidated specimens (consequently, with complete stress reversal), initial 

liquefaction could be produced in both loose and dense specimens. 

The cyclic stress approach is conceptually quite simple: the earthquake-

induced loading, expressed in terms of cyclic shear stresses, is compared with the 

liquefaction resistance of the soil, also expressed in terms of cyclic shear stresses. 

Application of the cyclic stress approach, however, requires careful attention to the 

manner in which the loading conditions and liquefaction resistance are characterized. 

 

2.8.1.1 CYCLIC STRESS RATIO (CSR) AND CYCLIC 

RESISTANCE RATIO (CRR) 

 

Calculation, or estimation, of two variables is required for evaluation of 

liquefaction resistance of soils: (1) the seismic demand on a soil layer, expressed in 

terms of CSR; and (2) the capacity of the soil to resist liquefaction, expressed in terms 

of CRR. The latter variable has been termed the cyclic stress ratio or the cyclic stress 

ratio required to generate liquefaction, and has been given different symbols by 

different writers. For example, Seed and Harder (1990) used the symbol CSR l , Youd 

(1993) used the symbol CSRL, and Kramer (1996) used the symbol CSRL to denote 

this ratio. To reduce confusion and to better distinguish induced cyclic shear stresses 

from mobilized liquefaction resistance, the capacity of soil to resist liquefaction is 

termed the CRR in this research. 

 

2.8.1.2 EVALUATION OF CYCLIC STRESS RATIO (CSR) 

 

The shear stresses developed at any point in a soil deposit during an 

earthquake appear to be due primarily to the vertical propagation of shear waves in 

the deposit. This leads to a simplified procedure for evaluating the induced shear 

stresses (Seed and Idriss, 1971). If the soil column above a soil element at depth h  

behaved as rigid body, the maximum shear stress on the soil element would be 
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                                                     ( ) maxmax a
g
h

r ⋅=
γτ                                             (2.32) 

 

where maxa  is the maximum horizontal ground surface acceleration, g  is the 

acceleration of gravity, and γ  is the unit weight of the soil; see Figure 2.27(a). 

Because the soil column behaves as a deformable body, the actual shear stress at 

depth h , ( )dmaxτ , as determined by a ground response analysis will be less than 

( )rmaxτ  and might be expressed by 

 

                                                   ( ) ( )rdd r maxmax ττ ⋅=                                            (2.33) 

 

where dr  is a stress reduction coefficient with a value less than 1. The variations of 

( )rmaxτ  and ( )dmaxτ  will typically have the form shown in Figure 2.27(b) and, in any 

given deposit, the value of dr  will decrease from a value 1 at the ground surface to 

much lower values at large depths, as shown in Figure 2.27(c). 

Computations of the value of dr  for a wide variety of earthquake motions and 

soil conditions having sand in the upper 15 m. have shown that dr  generally falls 

within the range of values shown in Figure 2.28. It may be seen that in the upper 9 or 

12 m., the scatter of the results is not great and, for any of the deposits, the error 

involved in using the average values shown by the dashed line would generally be less 

than about 5%. For routine practice, the following equations may be used to estimate 

average values of dr  (Liao and Whitman, 1986a): 

 

                                      zrd 00765.00.1 −=  for 15.9≤z  m                          (2.34a) 

 

                                zrd 0267.0174.1 −=  for 2315.9 ≤< z  m                    (2.34b) 

 

where z  is depth below ground surface in meters. 
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Thus the assessment of the maximum shear stress developed during an 

earthquake can be made from the relationship 

 

                                                    dra
g
h

⋅⋅= maxmax
γτ                                            (2.35) 

 

where dr  are taken from the dashed line in Figure 2.28 or Equation (2.34). The 

critical depth for development of liquefaction, if it is going to occur, will normally be 

in the depth covered by this relationship. 

The actual time history of shear stress at any point in a soil deposit during an 

earthquake will have an irregular form such as that shown in Figure 2.29. From such 

relationships it is necessary appropriate to determine the equivalent uniform average 

shear stress. By appropriate weighting of the individual stress cycles, based on 

laboratory test data, this determination can readily be made. However, after making 

these determinations for a number of different cases it has been found that with a 

reasonable degree of accuracy, the average equivalent uniform shear stress, avτ  , is 

about 65% of the maximum shear stress, maxτ . Combining this result with the above 

expression for maxτ  it follows that for practical purposes, the average cyclic shear 

stress may be determined by: 

 

                                                dav ra
g
h

⋅⋅⋅= max65.0 γτ                                       (2.36) 

 

or equivalently: 

 

                                           CSR = d
vo

vo

vo

av r
g

a
⋅⋅⋅= max

'' 65.0
σ
σ

σ
τ

                               (2.37) 
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where CSR = cyclic stress ratio caused by the earthquake, voσ  = total overburden 

pressure on sand layer under consideration, and '
voσ  = initial effective overburden 

pressure on sand layer under consideration 

 

2.8.1.3 EVALUATION OF LIQUEFACTION RESISTANCE (CRR) 

 

A plausible method for evaluating cyclic resistance ratio, CRR, is to retrieve 

and test undisturbed soil specimen in the laboratory. Unfortunately, in situ stress 

states generally cannot be reestablished in the laboratory, and granular soils are 

extremely difficult to sample without disturbance. Hence, methods to characterize the 

soil in the ground rely heavily on in situ tests. Several field tests have gained common 

usage for evaluation of liquefaction resistance, including the standard penetration test 

(SPT), the cone penetration test (CPT), and field measurements of shear wave 

velocity (Vs). But the most commonly used method for determining the liquefaction 

resistance is to use the data obtained from the standard penetration test because it is 

relatively easy to use, the test is economical compared to other types of field testing, 

and the SPT equipment can be quickly adapted and included as part of almost any 

type of drilling rig. 

Seed and his colleagues developed correlations between the SPT N-value and 

the cyclic stress ratio to cause liquefaction or cyclic resistance ratio during 

earthquakes of magnitude M = 7.5. The correlations, which are presented in Figure 

2.30, were based on the observed response of sites during earthquake loading. Sites 

were considered to have liquefied based on observed surface features, such as sand 

boils. Lower bound curves separating liquefied from non-liquefied sites are shown in 

Figure 2.30 corresponding to various fines contents of the sands. It should be noted 

that the CRR curves in Figure 2.30 are valid only for magnitude 7.5 earthquakes. 

Scaling factors to adjust CRR curves to other magnitudes are addressed in the next 

section of this chapter. 
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To compare the ground conditions at one site with those of another, it is 

necessary to standardize the measured penetration values to the standard driving 

energy level of 60% of the theoretical free-fall energy of the hammer, the rate at 

which the blows are applied, the borehole diameter, the rod lengths, and the effective 

overburden pressure of 100 kPa (1 tsf). Hence, the CRR curves presented in Figure 

2.30 show the normalized SPT N-value, ( )601N . Corrections can be applied to the 

penetration test results to compensate for the testing procedures by using the 

following equation: 

 

                                         ( ) SRB
ff

m
Nm CCC

E
ECNN
60.0601 =                                (2.38) 

 

where mN  = the measured penetration resistance, Blows/ft 

  NC  = correction factor to normalize mN  to an effective overburden 

pressure '
voσ  of 100 kPa (100 kPa = 1 tsf = 10 t/m2 = 1 atm) 

  = 7.110
' ≤
voσ

 for '
voσ  ≤  20 t/m2 (Liao and Whitman, 1986b) 

  = 7.1

10
2.1

2.2
'

≤

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
+ voσ

 for 20 < '
voσ  ≤  30 t/m2 (Kayen et al., 1992) 

 mE  = the actual hammer energy which is the percent of the theoretical 

free-fall hammer energy; the value of mE depends on the type of 

hammer used and on the standards of practice in different parts of 

the world such as anvil lifting mechanism and the method of 

hammer release ( mE  is 0.6 for a safety hammer and 0.45 to 0.6 for 

donut hammer, Seed et al. (1985)) 

 ffE  = the theoretical free-fall hammer energy 
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 BC  = correction factor for borehole diameter ( BC  = 1.0 for boreholes of 

65 to 115 mm diameter, 1.05 for 150 mm diameter, and 1.15 for 200 

mm diameter) 

 RC  = correction factor for rod length ( RC  = 0.75 for up to 3 m of drill 

rods, 0.8 for 3 to 4 m of drill rods, 0.85 for 4 to 6 m of drill rods, 

0.95 for 6 to 10 m of drill rods, and 1.0 for drill rods in excess of 10 

m) 

 SC  = correction for samplers with or without liners ( SC  = 1.0 for 

standard sampler and 1.1 to 1.3 for sampler without liner) 

 

Although application of rod length correction factors mentioned above will 

give more precise ( )601N  values, these corrections may be neglected for liquefaction 

resistance calculation for rod lengths between 3 and 10 m because rod length 

corrections were not applied to SPT test data from these depths in compiling the 

original liquefaction case history databases. Thus rod length corrections are implicitly 

incorporated into the empirical SPT procedure. 

 

2.8.1.4 MAGNITUDE SCALING FACTOR (MSF) 

 

The liquefaction resistance or CRR curves in Figure 2.30 apply only to 

magnitude 7.5 earthquakes. To adjust the CRR curves to magnitude smaller or larger 

than 7.5, one have to use correction factor termed “magnitude scaling factor (MSF).” 

Several MSF values have been proposed by various investigators (i.e., Seed and Idriss 

(1982), Ambraseys (1988), Arango (1996), Andrus and Stokoe (1997), and Youd and 

Noble (1997)). The MSF in Table 2.10 (Seed and Idriss, 1982) is the routinely used 

values in engineering practice. In addition, the 1996 NCEER workshop (Youd and 

Idriss, 1997) recommended that the lower bound for MSF values can be defined by 

the following equation: 
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                                                   MSF = ( ) 56.25.7/ −
wM                                          (2.39) 

 

where wM  is the moment magnitude. It should be noted that the local magnitude LM , 

the surface wave magnitude SM , and moment magnitude wM  scales are reasonably 

close to one another below a value of about 7, as shown in Figure 2.31. Thus for a 

magnitude of 7 or below, any one of these magnitude scales can be used to determine 

the MSF. At high magnitude values, the moment magnitude wM  tends to significantly 

deviate from the other magnitude scales, and the moment magnitude wM  should be 

used to determine the MSF from Table 2.10 or Equation (2.39). 

 

2.8.1.5 EFFECTS OF INITIAL STATIC SHEAR STRESSES AND 

HIGH OVERBURDEN STRESSES ON LIQUEFACTION 

RESISTANCE 

 

There are two important limitations associated with Figure 2.30. The field 

data correspond to level ground conditions with no initial static shear stresses on 

horizontal planes and to effective overburden pressures less than 15 t/m2 (150 kPa). 

Seed (1983) outlined procedures for making corrections when these conditions are 

violated. 

The first estimate of the liquefaction resistance of a soil element in a dam or 

slope is determined using the in situ ( )601N  penetration resistance and the appropriate 

curve for critical conditions in Seed’s liquefaction assessment chart (Figure 2.30). 

This resistance must then be corrected for deviations from the standard conditions of 

the database underlying the chart. A typical element in a slope, for example, will carry 

a static shear stress, stτ , on the horizontal plane and therefore has an initial shear 

stress ratio αστ ='
vost . A correction factor, αK , is established for various values of 

α  by laboratory tests. Note that, as is commonly assumed in practice, initial static 

shear increases liquefaction resistance substantially. However, this increase applies to 
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resistance to cyclic mobility rather than to liquefaction, that is to non-contractive 

materials. The liquefaction resistance of dilative soils (moderately dense to dense 

granular materials under low confining  stress) increases with increased static shear 

stress. Conversely, the liquefaction resistance of contractive soils (loose soils and 

moderately dense soils under high confining stress) decreases with increased static 

shear stress. Seed and Harder (1990) proposed a chart (Figure 2.32) for a variation of 

correction factor, αK , with initial shear stress ratio, α . The values of αK  vary for 

different soils and should be evaluated on a site-specific basis whenever possible. In 

addition, the 1996 NCEER workshop (Youd and Idriss, 1997) recommended that the 

proposed chart for αK  should not be used by non-specialists in geotechnical 

earthquake engineering or in routine engineering practice. 

For effective overburden pressures other than in the range 10-15 t/m2 (100-

150 kPa) and for sites that support heavy structures, a correction factor σK  is used. 

Cyclically loaded laboratory test data indicate that liquefaction resistance increases 

with increasing confining stress. The rate of increase, however, is nonlinear. To 

account for the nonlinearity between liquefaction resistance or CRR and effective 

overburden pressure, Seed and Harder (1990) introduced the values of σK  for many 

soils as shown in Figure 2.33. Increasing confining pressure can lead to a substantial 

reduction in resistance to cyclic loading. The values of σK  vary for different soils and 

should be evaluated on a site-specific basis whenever possible. 

 

2.8.1.6 FACTOR OF SAFETY AGAINST LIQUEFACTION 

 

Once the cyclic stress ratio caused by the anticipated earthquake (Equation 

(2.37)) and the liquefaction resistance of the soils corresponding to earthquake of 

magnitude 7.5 (Figure 2.30) has been characterized, liquefaction potential can be 

evaluated. The factor of safety against liquefaction (FS) is defined as follows: 
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                                          σα KKMSF
CSR

CRRFS ⋅⋅⋅⎟
⎠

⎞
⎜
⎝

⎛
= 5.7                                   (2.40) 

 

where CSR  = calculated cyclic stress ratio generated by the earthquake shaking, 

Equation (2.37); 5.7CRR  = cyclic resistance ratio for magnitude 7.5 earthquakes 

determined from Figure 2.30; MSF  = magnitude scaling factor determined from 

Table 2.10 or Equation (2.39); αK  = correction factor for sloping ground or for initial 

static shear stress determined from Figure 2.32; and σK  = correction factor for 

effective overburden pressure determined from Figure 2.33. 

If the factor of safety in Equation (2.40) is equal or less than 1.0, liquefaction 

is said to take place. Otherwise, liquefaction does not occur. In addition, it should be 

noted that the higher the factor of safety, the more resistant the soil is to liquefaction. 

 

2.8.2 PROBABILISTIC APPROACH 

 

There are many potential sources of uncertainty in both the loading and 

resistance aspects of liquefaction problems, and probabilistic approaches have been 

developed to deal with them. Uncertainties in cyclic loading can be evaluated using 

the standard probabilistic seismic hazard analyses (Cornell, 1968; Algermissen et al., 

1982; Reiter, 1990). Uncertainties in liquefaction resistance can be treated in one of 

two general ways. 

One group of methods is based on probabilistic characterization of the 

parameters shown by laboratory tests to influence pore pressure generation. Haldar 

and Tang (1979) characterized uncertainty in the parameters of the simplified cyclic 

stress approach or deterministic approach described in Section 2.8.1. Fardis and 

Veneziano (1982) used a similar approach with total stress and effective stress 

models. Chameau and Clough (1983) described pore pressure generation 

probabilistically using experimental data and an effective stress model. Each of these 

methods can compute the probability of liquefaction due to a particular set of loading 
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conditions. Their accuracy depends on the accuracy of the underlying liquefaction / 

pore pressure model and on how accurately the uncertainty of the model parameters 

can be determined. 

An alternative method is based on in situ test-based characterization of 

liquefaction resistance (Christian and Swiger, 1975; Yegian and Whitman, 1978; 

Veneziano and Liao, 1984). This method, which will be presented in Chapter 5, use 

various statistical classification and regression analyses to assign probabilities of 

liquefaction to different combinations of loading and resistance parameters. 



CHAPTER 3 

 

PROFILE OF THE STUDY AREA 

 

3.1 LOCATION AND TOPOGRAPHY 

 

Chiang Mai, Thailand’s second largest city with an area of 22,800 square 

kilometers and capital of the northern region, located about 700 kilometers north of 

Bangkok at latitude 18.80 o N and longitude 98.98 o E. A large part (69.31 %) of 

Chiang Mai's land is covered by mountains and forests. These generally run in a 

north-south pattern through the province and give birth to several streams and 

tributaries (such as the Mae Jam, Mae Ngud, and Mae Klang) which in turn feed 

important rivers and irrigation canals (such as the Muang and Faay) which provide the 

water necessary to Chiang Mai's agriculture. Chiang Mai's largest and most important 

river is the Ping, which originates in the mountains of Chiang Dao and flows 

southward for 540 kilometers. It is along the banks of this river that Chiang Mai's flat, 

fertile valley area lies.  

Chiang Rai, the northernmost province of Thailand with an area of 11,678 

square kilometers, is approximately 785 kilometers from Bangkok at latitude 19.91 o N 

and longitude 99.83 o E. The province is situated on the Kok River basin. The average 

elevation is about 580 meters above sea level. Mostly mountainous, it reaches the 

Mae Khong River to the north and borders on both Myanmar and Laos. North Chiang 

Rai falls within the region known as the Golden Triangle, the area where the borders 

of Thailand, Myanmar and Laos converge. 

The areas of investigation are shown in Figure 3.1. 
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3.2 SEISMICITY 

 

Thailand lies in the interior of the Eurasian plate, with the boundary of the 

Burma microplate and Indian plate occurring to the west in the Andaman sea. 

Nutalaya et al. (1985) collected the database containing instrumental data of 

earthquakes from 1910 to 1989 within the region bounded by latitudes 5 o N to 25 o N 

and longitudes 90 o E to 110 o E, which includes Thailand, Indochina, and parts of 

Burma and China. These data were collected from several agencies which include the 

U.S. Geological Survey (USGS), the International Seismological Center (ISC) in 

U.K., and the Thai Meteorological Department (TMD). In addition, 12 seismic source 

zones within the region (zones A to L in Figure 3.2) have been identified on the basis 

of the spatial distribution of seismicity and regional seismotectonic structure. The 

maximum observed local magnitude (Richter scale, ML) earthquake to occur within 

the eleven closest zones is shown in Table 3.1. As seen from Table 3.1, the maximum 

estimate ML occurring within these zones ranges from 6.5 for the Northern Thailand 

Zone to 7.9 for the Tenasserim Range Zone. 

Wanitchai and Lisantono (1996) proposed a seismic hazard map of Thailand 

as shown in Figure 3.3. As seen from Figure 3.3, Thailand is divided into various 

seismic zones according to the following criteria: zone 0 for PGA0<0.025g, where 

PGA0 is the peak ground acceleration (PGA) with a 10% probability of being 

exceeded in a 50-year period at any given site and g is the acceleration of gravity; 

zone 1 for 0.025g< PGA0<0.075g; zone 2A for 0.075g< PGA0<0.15g; zone 2B for 

0.15g< PGA0<0.20g; zone 3 for 0.20g< PGA0<0.30g; and zone 4 for PGA0>0.30g. 

These criteria are similar to those used in the 1988, 1991, and 1994 U.S. Uniform 

Building Code (UBC) zoning maps except that in the UBC, effective peak 

acceleration (EPA) is used instead of PGA. By its definition, EPA is the peak ground 

acceleration after the ground motion record has been filtered to remove the very high 

frequencies that have little influence upon structural response. However, it appeared 

that for PGA<0.3g there is no significant different between PGA and EGA. The 
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zoning map in Figure 3.3 shows that some parts of the northern and western Thailand 

can be considered as moderate risk and moderately high risk zones equivalent to the 

UBC zone 2B and 3, respectively. 

 

3.3 SOIL PROFILE 

 

The soil underlying Chiang Mai and Chiang Rai consist of alternating layers 

of silty sand, clayey sand, sandy silt, and silty clay. Anantasech and Thanadpipat 

(1985) collected geotechnical investigation data of Chiang Mai City and proposed soil 

profiles of the city from north to south, and from east to west as shown in Figure 3.4. 

For Chiang Rai City, the general soil profile is shown in Figure 3.5. Examples of 

boring information in Chiang Mai and Chiang Rai are depicted in Figure 3.6 and 3.7, 

respectively. The sub soils in both provinces are subject to wide variation. Layers of 

loose to medium dense sand are found in most of the investigated boreholes. Those 

layers are distributed throughout the cities. Figure 3.8 summarizes the gradation of 

sands found in both provinces. Great variation of grain size distribution can be 

observed. The average diameter, D50, of sands varies in the range of 0.2 to 1.5 mm. 

 

3.4 INPUT MOTIONS FOR ANALYSIS 

 

Due to the lack of strong motion records in Thailand, it is necessary to use the 

records from elsewhere. Three strong motions with different predominant periods 

used as input motions to the analyses are shown in Figure 3.9. These acceleration time 

histories are actual strong motion records recorded at rock sites; and selected from 

California earthquakes including the 1940 El Centro, 1989 Loma Prieta, and 1994 

Northridge earthquakes. The recording station and estimated predominant period of 

the input motions are summarized in Table 3.2. The response spectra for 5 percent 

damping of the input motions are shown in Figure 3.10. 
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3.5 ESTIMATION OF SHEAR WAVE VELOCITY 

 

Due to the lack of data of the shear wave velocity measured in the field, the 

empirical correlations based on available field and laboratory measurements were 

used in this study. There are many researchers proposed the empirical correlations of 

the shear wave velocity (or maximum shear modulus) based on SPT N-value and the 

undrained shear strength (Su) from laboratory tests such as: Kanai (1966); Sakai 

(1968); Seed and Idriss (1970); Ohsaki and Iwasaki (1973); Ohta and Goto (1978); 

Imai and Tonouchi (1982); Seed et al. (1983); Sykora and Stokoe (1983); and 

Dickenson (1994). Even any empirical correlations inherently are site dependent. 

They, however, give very useful and reasonable guidelines for field engineers to 

evaluate the shear wave velocity of the in situ soil. 

 

3.5.1 FORMULA FOR CLAY 

 

The formula proposed by Dickenson (1994) was used to compute shear wave 

velocity of soft clay deposit in Chiang Mai and Chiang Rai. Dickenson (1994) 

presented the results of a study of the dynamic response of soft and deep cohesive 

soils during the 1989 Loma Prieta earthquake and developed a nonlinear relationship 

between shear wave velocity determined from field testing and undrained shear 

strength for cohesive soil. The proposed relationship is: 

 

                                                  475.07.68 us SV ⋅=      (m/sec)                                 (3.1) 

 

where Su, the undrained shear strength, has unit of t/m2. It should be noted that Su 

determined from unconfined compression, unconsolidated undrained triaxial (TX), 

and consolidated undrained triaxial tests were used directly in Dickenson’s equation. 
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For the estimation of the shear wave velocity for medium to stiff clay layer, 

the relationship, developed by Imai and Tonouchi (1982), for any soil type based on 

uncorrected N-value was used. The relationship is: 

 

                                                  314.0926.96 NVs ⋅=      (m/sec)                             (3.2) 

 

3.5.2 FORMULA FOR SAND 

 

There are two relationships used to estimate shear wave velocity for sand 

layer in the study area. For silty sand layer, the relationship proposed by Seed et al. 

(1983) was used. Seed et al. (1983) suggested using the following equation for sand 

and silty sand to assess shear wave velocity by using SPT N-value: 

 

                                                  5.0388.56 NVs ⋅=      (m/sec)                                (3.3) 

 

For sandy soils, the correlation between shear wave velocity and SPT N-value 

developed by Sykora and Stokoe (1983) was used, and the relationship is: 

 

                                                  29.0584.100 NVs ⋅=      (m/sec)                             (3.4) 

 

The SPT N-value used in Equation (3.3) and (3.4) is the corrected N-value, (N1)60, 

which is normalized to an overburden pressure of approximately 100 kPa (1 t/ft2) and 

a hammer energy ratio or hammer efficiency of 60%. 

 

3.6 SUMMARY 

 

In this chapter, location, topography, seismicity, and soil profile of Chiang 

Mai and Chiang Rai, were briefly presented. Subsequently, the strong motions with 

different predominant periods recorded at rock sites were described. Shear wave 
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velocity or shear modulus of subsoil in both provinces can be estimated using the 

empirical correlations based on available field and laboratory measurements (SPT N-

value and undrained shear strength). The strong motions and the shear wave velocity 

described in this chapter are used as input to the analyses of soil amplification and 

generation of pore water pressure which is described in Chapter 4 and 6, respectively. 



CHAPTER 4 

 

AMPLIFICATION OF EARTHQUAKE GROUND MOTIONS 

 

4.1 INTRODUCTION 

 

Since the provinces in the northern and western parts of Thailand have been 

classified as a moderate seismic risk regions by the ministerial regulations on seismic 

resistant design, and there are several moderate earthquakes (5.2-5.5 on the Richter 

scale) have occurred in the northern part of the country during the past decades. In 

consequence, the Thai people are becoming increasingly concerned about seismic 

risk. Therefore, in order to describe some effects of earthquake ground motions in the 

mentioned areas, particularly Chiang Mai and Chiang Rai; one-dimensional ground 

response analysis using the equivalent linear approach is conducted. 

 

4.2 COMPUTER PROGRAM SHAKE 

 

The computer program SHAKE was written in 1970-71 by Dr. Per Schnabel 

and Prof. John Lysmer and was published in December 1972 by Dr. Per Schnabel and 

Prof. John Lysmer and H. Bolton Seed in report no. UCB/EERC 72/12, issued by the 

Earthquake Engineering Research Center at the University of California in Berkeley. 

The soil profile is idealized as a system of homogeneous, visco-elastic 

sublayers of infinite horizontal extent; the idealized soil profile is shown in Figure 

4.1. The response of this system is calculated considering vertically propagating shear 

waves. The algorithm on the program SHAKE (Schnabel et al., 1972) is based on the 

continuous solution to the wave equation (Kanai, 1951; Matthiesen et al., 1964; 

Roesset and Whitman, 1969; Lysmer et al., 1971), which was adapted for transient 

motions using the Fast Fourier Transform techniques of Cooley and Tukey (1965). 
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As described in the Section 2.5 of Chapter 2, an equivalent linear procedure 

(Idriss and Seed, 1968; Seed and Idriss, 1970) is used to account for the nonlinearity 

of the soil using an iterative procedure to obtain values for modulus and damping that 

are compatible with the equivalent uniform strain induced in each sublayer. Thus, at 

the outset, a set of properties (shear modulus, damping, and total unit weight) is 

assigned to each sublayer of the soil deposit. The analysis is conducted using these 

properties and the shear strains induced in each sublayer is calculated. The shear 

modulus and the damping ratio for each sublayer are then modified based on the 

applicable relationship relating these two properties to shear strain. The analysis is 

repeated until strain-compatible modulus and damping values are arrived at. Starting 

with the maximum shear modulus for each sublayer and a low value of damping, 

essentially strain-compatible properties are obtained in 3 to 5 iterations for most soil 

profiles. 

The following assumptions are incorporated in the analysis (Schnabel et al., 

1972): 

• Each sublayer, j, is completely defined by its shear modulus, Gj; damping ratio, 

jξ ; total unit weight, tjγ ; and thickness, hj, these properties are independent of 

frequency. It is noted that the initially estimated values of G and ξ  usually 

correspond to the same strain level; the low-strain values (0.001%) are often used 

for the initial estimate. In this study, the initial values of G were determined from 

the shear wave velocity (Vs) and the mass density ( ρ ) from the relationship G = 

×ρ Vs
2 . The shear wave velocity can be calculated from the empirical 

correlations based on available field and laboratory measurements as previously 

described in Section 3.5 of Chapter 3. 

• The responses in the soil profile are caused by the upward propagation of shear 

waves from the underlying rock half-space. 

• The strain dependence of the shear modulus and damping in each sublayer is 

accounted for by an equivalent linear procedure based on an equivalent uniform 

strain computed in that sublayer. According to Idriss and Sun (1992), the ratio of 
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this equivalent uniform shear strain divided by the calculated maximum strain 

which is typically used from 0.4 to 0.75 based on magnitude earthquake (M ) is 

evaluated by: 

 

                                                         Ratio = 
10

1−M                                                  (4.1) 

 

 The same value of this ratio is used for all sublayers. 

 

4.3 MODULUS REDUCTION AND DAMPING RATIO 

 

It has long been known that soil exhibits nonlinear behavior. This is 

particularly true when subjected to dynamic loading. Pioneering studies by Hardin 

and Drnevich (1972b) and Seed and Idriss (1970) using laboratory tests on soil such 

as the resonant column, cyclic simple shear, and cyclic triaxial, as well as shaking 

table tests and back calculated results, indicate that shear strain is the single most 

important parameter when looking at the variation of shear modulus and fraction of 

critical damping for the seismic response of different soil types. Seed and Idriss 

(1970) proposed that the variation of shear modulus with shear strain could be 

normalized by plotting the ratio of G/Gmax (i.e., the ratio of shear modulus at a given 

strain, G, over the low strain shear modulus, Gmax) versus shear strain, for different 

soil types (e.g., sand, clay, and gravel). The advantage to these normalized 

relationships for seismic site response analyses is that in many cases, only the Gmax 

would need to be determined in the field from Vs testing; the variation of G with shear 

strain could be estimated based on soil type from the normalized relationships. 

However, since laboratory testing to determine the variation of G with shear 

strain,γ , for soils in Chiang Mai and Chiang Rai was beyond the scope of this study, 

it was decided to use the latest normalized relationships available. For clays, Vucetic 

and Dobry (1991) combined the results of many previous studies to develop 

normalized relationships of G and γ  as a function of plasticity index. Their 
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relationships for both variation of G and damping ratio (λ ) as a function of γ  are 

shown in Figure 4.2. For sands, the relationships proposed by Seed et al. (1984a) were 

used. Their relationships for G/Gmax and damping as a function of γ  are presented in 

Figure 4.3. Both the relationships by Vucetic and Dobry (1991) and by Seed et al. 

(1984) are in wide use for estimating shear modulus and damping variation with shear 

strain of soil for purpose of site response analysis. 

 

4.4 RESULTS OF ANALYSES 

 

One-dimensional dynamic ground response analyses were performed on 

eighteen sites within Chiang Mai City and fourteen sites within Chiang Rai City using 

the computer program SHAKE (Schnabel et al., 1972) for equivalent linear response. 

The examples of soil profiles of Chiang Mai and Chiang Rai are presented in Figure 

3.6 and 3.7. Soil properties are defined by borings made for foundation design at the 

site and geologic references for the area. Soil type is indicated by Unified Soil 

Classification System group symbols.  

Since one of unknown in the analyses is the depth to bedrock and no data was 

available to make a reasonable estimate of its shear wave velocity. However, for the 

purposes of seismic ground response analyses, the depth to bedrock itself is not as 

important as the depth to rock-like material that behaved essentially as bedrock 

(Lysmer et al., 1970), that is, material having a shear wave velocity on the order of 

800 to 1200 m/sec. Lysmer et al. (1970) also found that the response at the ground 

surface was relatively independent of the shear wave velocity of the assumed rock-

like material. Some effect was observed, however, on the assumed depth to rock-like 

material, and whether or not an intermediate rock-like layer was modeled between the 

bottom of the soil profile and the surface of the bedrock. This effect was mainly on 

the frequency content of the motion at the ground surface; the peak ground 

acceleration was relatively unaffected. Thus the depth to rock-like material in the 
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analyses was assumed at the bottom of the soil profile which has the SPT N-value of 

more than 50 blows/ft with a shear wave velocity of 900 m/sec. 

The seismic ground response analyses were conducted using the three 

seismograms described in Chapter 3 with bedrock accelerations scaled to 0.02, 0.05, 

0.07, 0.10, and 0.30g. The results for the amplification of Chiang Mai and Chiang Rai 

are presented in Figure 4.4 and 4.5, respectively. It can be seen from the results that 

the amplification, which is defined as the ratio between the acceleration at ground 

surface and the acceleration at rock surface, decreases with increasing bedrock 

acceleration. It should be noted that for long duration and high strain ground motions, 

the amplification level would decrease because of the nonlinear behavior of soil. In 

addition, it is also apparent from Figure 4.4 and 4.5 that the amount of amplification is 

dependent on the predominant period of the input motion. 

The variation of peak ground acceleration with the applied peak rock 

acceleration is shown in Figure 4.6 and 4.7 for Chiang Mai and Chiang Rai, 

respectively. They show that the peak ground acceleration increases with increasing 

amplitude of the base motion. Furthermore, the peak ground accelerations presented 

in Figure 4.6 and 4.7 are also plotted against peak rock acceleration along with 

observed values from the 1985 Mexico earthquake and the 1989 Loma Prieta 

earthquake; the results show that the range of calculated accelerations tends to be 

lower than observed in previous earthquakes, particularly for the Mexico earthquake 

which most of subsoil consist of soft soil deposits. 

 

4.5 SUMMARY 

 

In this chapter, the results of a study on the amplification of earthquake 

ground motion in the city of Chiang Mai and Chiang Rai, were illustrated. Three input 

motions with different predominant periods were used. Soil properties used as input to 

the analysis, specifically shear wave velocity, were estimated using existing 

correlations with field and laboratory data. Seismic ground response analyses were, 
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then, conducted using the computer program SHAKE based on the equivalent linear 

method. Concerning amplification of the peak ground acceleration, it is apparent from 

the results in the study that the soils underlying the city of Chiang Mai and Chiang 

Rai have ability to amplify earthquake ground motions on the order of 1.5 to 3 times. 

The amount of this amplification depends on the actual soil properties and profiles or 

local site conditions, the level of acceleration in the underlying rock-like material, and 

the predominant periods of the input rock motion. In addition, it is also found that the 

amount of this amplification decreases with increasing bedrock acceleration because 

of nonlinearity of soils. 



CHAPTER 5 

 

EVALUATION OF LIQUEFACTION RESISTANCE BY 

PROBABILISTIC APPROACH 

 

5.1 INTRODUCTION 

 

Liquefaction occurs primarily in loose saturated sands. As seismic waves 

propagate through the soil, the structure of the soil is altered with a corresponding 

increase in the pore water pressure. As the pore water pressure increases, the effective 

stress decreases. If the effective stress is reduced to a point in which it is equal to 

zero, the soil loses its strength and liquefaction develops. Liquefaction is a function of 

soil type, relative density, age, fines content, and intensity and duration of the 

earthquake motion (Seed and Idriss 1971). 

Several methods have been proposed to evaluate earthquake liquefaction 

potential. These methods range from purely empirical to highly analytical and require 

various degrees of laboratory and/or in situ testing. A common approach of the 

deterministic type is to use charts such as that shown in Figure 5.1. The horizontal 

axis measures the strength of the soil in terms of the corrected standard penetration 

resistance ( 1N ), and the vertical axis measures the intensity of ground motion through 

the cyclic stress ratio (CSR ). Points are drawn to represent cases of liquefaction 

(solid dots) and non-liquefaction (open circles), and a line is subjectively drawn to 

separate events of the two types. The line is then used as a deterministic classification 

criterion. 

It is evident that there is no sharp demarcation between the two sets of 

observations in Figure 5.1, and that the probability of liquefaction actually varies in a 

continuous fashion as a function of soil strength and the intensity of ground motion. 

This conditional probability can be evaluated by using appropriate statistical 

procedures to analyze field data of the type in Figure 5.1. 
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The objective of this chapter is to use methods of statistical regression to 

quantify the probability of liquefaction by using the data catalog compiled by Liao 

and Whitman (1986a). In the context of the data catalog, the term “liquefaction” is 

defined as the surface manifestation of any phenomenon associated with a significant 

loss of shearing resistance in saturated cohesionless soils due to earthquake loading. 

No attempt is made to distinguish between liquefaction shear failure and cyclic 

mobility (Castro, 1969, 1975). Also, even though liquefaction or cyclic mobility may 

occur at depth without exhibiting effects at the ground surface (Ishihara, 1985), such 

instances are classified here as cases of nonliquefaction. Note also that the results of 

this study are primarily applicable to sites with level ground conditions and are 

generally not valid for the evaluation of liquefaction of embankments or for sloping 

grounds. 

 

5.2 LIQUEFACTION DATA CATALOG 

 

The data catalog used in the statistical analysis comprise 278 case studies, 

with 114 cases representing sites that liquefied during earthquakes and 164 cases 

representing sites that did not liquefy. The catalog was compiled by Liao and 

Whitman (1986a) through the synthesis of eight previously published “source 

catalogs”. The source catalogs are those of Whitman (1971), Seed et al. (1975), 

Yegian (1976), Yegian and Vitelli (1981), Xie (1979), Davis and Berrill (1981), 

Tokimatsu and Yoshimi (1983), and Seed et al. (1984b). 

The catalog is based on 40 earthquakes, of which the earliest is the historical 

1802 Niigata earthquake and the most recent is the 1981 Westmorland, California 

earthquake. Of the 278 cases, 120 are from Japan, 100 from California, 20 from 

China, and 38 from other locations in the world. The example of the data catalog is 

shown in Figure 5.2. 

The variables, notations, and abbreviations of the various column headings in 

the data catalog (Figure 5.2) are described as follows: 
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• Entries of (-1) under any of the table headings indicate missing data. 

• CASE (Case Code): Consists of two parts. The first two digits identify the 

earthquake. The last two digits identify the case associated with that earthquake. 

• ECAT (Source Catalog Code): Indicates data source catalog. 

  0 = data not reported in previous catalogs 

  1 = Whitman (1971) 

  2 = Seed, Idriss, and Arango (1975) 

  3 = Yegian (1976) 

  4 = Yegian and Vitelli (1981) 

  5 = Xie (1979) 

  6 = Davis and Berrill (1981) 

  7 = Tokimatsu and Yoshimi (1983) 

  8 = Seed, Tokimatsu, Harder, and Chung (1984) 

  9 = Liao (1986) 

• LIQ1 (Liquefaction Code 1) 

  0. = no liquefaction. 

  1. = liquefaction. 

• LIQ2 (Liquefaction Code 2): Based on Tokimatsu and Yoshimi (1983). 

  .0 = no liquefaction. 

  .5 = marginal site, defined as a site located just outside the boundary of 

liquefaction zone. 

  .7 = moderate liquefaction, indicated by appearance of sand boils, but with 

minor ground or foundation movements. 

  1.0 = extensive liquefaction, indicated by sand boils and/or major ground or 

foundation movements. 

• M (Richter Magnitude) 

• H (Focal Depth): Units of kilometers. 

• EP (Epicentral Distance to Site): Units of kilometers. 
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• DER (Distance to Energy Release): Unit in kilometers. Closest distance to fault 

rupture or to the zone of major energy release. A distance measure that is largely 

judgmental in many cases. If a measure of DER is not available, DER is set to EP. 

• DUR (Duration of Shaking): Units in seconds. 

• A (Peak Ground Acceleration at Site): Units of fraction of gravitational 

acceleration, g. 

• CSR (Cyclic Stress Ratio): This quantity is calculated using the Seed and Idriss 

(1971) procedure, as described in Section 2.8.1.2 of Chapter 2. 

• CSRN (Cyclic Stress Ratio for Magnitude 7.5 Earthquakes) 

• ZW (Depth to Water Table): Units of meters. 

• ZL (Critical Depth of Liquefaction): Units of meters. 

• SIGT (Total Vertical Stress): Units of kg/cm2. 

• SIGE (Effective Vertical Stress): Units of kg/cm2. 

• N (SPT N-Value) 

• N1 (SPT N-Value Corrected for Overburden Pressure): All of the values of N1 are 

calculated based on the Liao and Whitman (1986) correction factor. 

• CE (Correction Factor for Sampling Equipment and Practices): See Equation 

(2.38) in Section 2.8.1.3 of Chapter 2 for details. 

• N160 (Corrected SPT N-Value Normalized to the Overburden Pressure; and 

Sampling Equipment and Practices): See Equation (2.38) in Section 2.8.1.3 of 

Chapter 2 for details. 

• FC (Fines Content): Units of percent. Fines defined as material passing No. 200 

sieve. 

 

For calculated CSR values in the catalog, it is noted that the primary variable 

affecting the value of CSR is the peak ground acceleration ( maxa ), which can be 

obtained in several ways. In 127 out of 278 catalog entries, the peak acceleration is 

obtained from measurement at a nearby station that can mean a strong motion 

recorder located several kilometers away. In a few cases, a strong motion recorder is 
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actually close enough to be considered on site, which is indicated that the acceleration 

measurement is considered to be very accurate in representing the ground motion at 

the site. Other methods of estimating acceleration include performing a site response 

analysis with the input from a ground motion record some distance away, scaled to 

reflect inferred bedrock motion at the site of interest. In many cases, accelerations are 

calculated from earthquake attenuation relationships and/or correlations to an 

intensity damage scale (e.g., Modified Mercalli scale). 

However, in many of the historical cases of liquefaction/non-liquefaction 

from California and Japan where the acceleration was not reported, or where the 

reported acceleration was suspected, accelerations were estimated from one of two 

attenuation relationships. For cases in California, the Joyner and Boore (1981) 

equation was used: 

 

                          ( ) rrMga 00255.0log249.002.1/log10 −−−−=                  (5.1a) 

 

or 
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where M  is the moment magnitude, and ( ) 2
122 3.7+= dr , in which d  is defined as 

the closest distance (in kilometers) to surface projection of the fault rupture. For 

Japanese earthquakes, the relationship used is that due to Kawashima et al. (1984) for 

soft alluvium or reclaimed ground: 
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where M  is the Japanese Meteorological Association (JMA) magnitude and EPR  is 

the epicentral distance in kilometers.  

 

5.3 REGRESSION METHOD FOR LIQUEFACTION DATA 

      ANALYSIS 

 

Each case study in the database can be represented through a binary variable 

Y  which indicates whether liquefaction occurred (Y = 1) or did not occur (Y = 0) and 

a vector of explanatory variables [ ]TmXXXX ,...,, 21= , which includes ground 

motion and soil deposit characteristics. The problem is to use the available n 

observations ( ) ( )nn YXYX ,,...,, 11  to express the probability of liquefaction LP  as a 

function of X . Therefore, the regression technique called “the binary logistic 

regression” will be used for analyzing the database and can be written in the form: 
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where LP  is defined as the probability that liquefaction will occur, LP−1  is the 

probability that liquefaction will not occur, kX ’s (k = 1, 2, …,m) are various 

“explanatory variables” such as cyclic stress ratio and corrected SPT resistance, and 

kβ ’s (k = 1, 2, …,m) are regression coefficients to be obtained by fitting Equation 

(5.1) to data. Solving Equation (5.3) for LP  gives the following expression for the 

probability of liquefaction in terms of the variables mXX ,...,1 : 
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or equivalently: 
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Flexibility of the model is greatly enhanced if one allows mXX ,...,1  in 

Equation (5.3) and (5.4) to be functions of the original explanatory variables rather 

than the variables themselves. For example, 1X  might be the logarithm of the cyclic 

stress ratio (CSR ) instead of CSR  itself. This option will be used in the analysis of 

liquefaction data. 

Since procedures and details of the regression method to determine the 

regression coefficients ( kβ ’s) are beyond the scope of this study. However, they can 

be seen from other standard statistical textbooks such as: Dillon and Goldstein (1984); 

Johnson and Wichern (1988); Morrison (1990); Kleinbaum (1994); and Johnson 

(1998). The regression coefficients ( kβ ’s) in the study are obtained by using a well-

known statistical computer program SPSS (SPSS, 1999). 

 

5.4 LOGISTIC MODELS OF LIQUEFACTION BEHAVIOR 

 

Models of the type in Equation (5.4b) may be used to quantify the probability 

of liquefaction once the variables mXX ,...,1  have been selected. The term “variable 

selection” refers here to the choice of both the physical factors that influence 

liquefaction and the functions of such factors that should enter the regression model 

as variables mXX ,...,1 . For example, it may be important to decide not only whether 

a variable such as the cyclic stress ratio (CSR ) should be among the explanatory 

variables, but also whether it should appear in Equation (5.4b) as CSRX =1 , 

)ln(1 CSRX = , or in some other form. However, the models are limited to the use of 

variables recorded in the data catalog. Thus, potentially important parameters that are 

not reported or are difficult to quantify cannot at present be considered in variable 
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selection. Performing a logistic regression analysis of the database yields the 

following probability equations: 

 

For earthquake magnitude of 7.5: 
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For earthquake magnitude of 5.5: 
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where 601 )(N  = the corrected SPT resistance which is normalized to an overburden 

pressure of approximately 100 kPa (1 t/ft2), a hammer energy ratio or a hammer 

efficiency of 60%, the borehole diameter, and the rod lengths; 5.7CSR  = the cyclic 

stress ratio generated at the site normalized to a magnitude of 7.5; and 5.5CSR  = the 

cyclic stress ratio generated at the site normalized to a magnitude of 5.5. The 

magnitude scaling factors published by Seed and Idriss (1982), which have been 

conventionally used in liquefaction hazard analyses, were used in this study. 

Figure 5.3 and 5.4 show a set of probability curves defined by Equation (5.5) 

and (5.6), respectively. Also shown in Figure 5.3 and 5.4 is the deterministic criteria 

defined by Seed et al. (1985). The correlation of regression (equivalent to R2) for 

Equation (5.5) and (5.6) is 0.637. The success rate in classification of liquefaction 

from both equations is greater than 80% for both liquefied and non-liquefied cases. 

Note that the probabilistic line at LP  = 30% well traces the deterministic criteria 

proposed by Seed et al. (1985) as shown in the figures. This result generally agrees 

with the findings of Youd and Noble (1997), and Toprak et al. (1999). The success 

rate is therefore determined based on LP  = 30% line. 
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5.5 SUMMARY 

 

A statistical regression procedure has been used to derive models for 

calculating the probability of liquefaction as a function of earthquake load and soil 

resistance parameters. The data to which the models are fitted consist of 278 cases of 

liquefaction and non-liquefaction, obtained from worldwide liquefaction database. 

Based on goodness-of-fit statistics and on considerations of usefulness in 

application, two models [Equation (5.5) and (5.6)] are recommended for the 

calculation of liquefaction probability. The models are based on the Seed and Idriss 

(1971) parameterization and employ the magnitude cyclic stress ratio CSR  as a 

measure of earthquake load; and use the corrected/normalized SPT value 601 )(N  as a 

measure of soil-liquefaction resistance. 

As mentioned earlier, Chiang Mai and Chiang Rai are located in the seismic 

zone G (see Figure 3.2) which probable causes earthquake magnitude (ML) of 5 to 6. 

Thus, Equation (5.6), which was developed for earthquake magnitude of 5.5, shall be 

used to study the generation of pore water pressure of sand layer in the areas. This 

subject is described in Chapter 6. 



CHAPTER 6 

 

FINITE ELEMENT ANALYSIS OF PORE WATER PRESSURE 

IN SAND DEPOSITES DURING EARTHQUAKES 

 

6.1 INTRODUCTION 

 

The response of a saturated sand deposit to earthquake motions is very 

important and difficult problem of soil dynamics; and a completely satisfactory 

generalized solution is not yet available. The dynamic response, at least for loose to 

medium dense sands, is dominated by the effects of the progressive pore water 

pressure increases that develop during an earthquake. The resistance to deformation at 

any point in the sand deposit is a function of effective stress which in turn depends on 

the simultaneous rates of generation and dissipation of pore water pressure. 

The purpose of this chapter is to illustrate the application of a numerical finite 

element scheme for development of guidelines and charts for analysis and evaluation 

of the generation of pore water pressure due to medium earthquakes (M = 5.5) 

corresponding to various probability values. The analytical procedure employed to 

quantify the pore water pressure is outlined in Figure 6.1. For each site, the minimum 

SPT N-value of sand at certain depth (from the ground surface to about 15 m) was 

selected in order to determine the value of cyclic stress ratio (CSR ) from the 

probability curve (Figure 5.4). The maximum ground surface acceleration ( maxa ) for 

the specific probability values ( LP ) of that site was then computed from the simplified 

equation [Equation (2.37)] proposed by Seed et al. (1983) as mentioned in Section 

2.8.1.2 of Chapter 2. The pore water pressure was evaluated by performing trial and 

error of the scaled base acceleration. This was continued until the computed 

maximum ground acceleration was similar to the prescribed value given by the 

simplified equation. Note that the probability values ( LP ) used in this study are 0.05, 
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0.10, 0.30, and 0.50. The computer program used for evaluating the pore water 

pressure is called “FLIP”. 

The parameters used in the analysis are obtained by back-fitting the 

calculated results with experimental data from undrained cyclic triaxial tests. The 

finite element method presented here is based on the effective stress analysis of a 

horizontally layered saturated sand deposit shaken by horizontal shear waves 

propagating vertically. The computer program and the model parameters of soils used 

in the analyses have been described in the following sections. 

 

6.2 CONSTITUTIVE MODEL OF SOILS 

 

6.2.1 BASIC CONSTITUTIVE EQUATIONS 

 

As mentioned earlier, liquefaction of cohesionless soils has contributed to the 

failure of soil structure systems during earthquakes. The mechanisms of liquefaction 

have been studied extensively, and many soil liquefaction models have been 

proposed. 

Available soil liquefaction models are based on either: (1) experimentally 

observed undrained stress paths during pore water pressure build up (Ishihara et al., 

1975; Ishihara et al., 1976); (2) a correlation between pore water pressure response 

and volume change tendency of dry soils (Martin et al., 1975; Finn et al., 1977); (3) 

the formulation of pore water pressure response directly from observed data (Shibata 

et al., 1972; Seed et al. 1976a; Ishibashi et al., 1977; Sherif et al. 1978); (4) a 

plasticity theory in which the plastic volume change is related to pore water pressure 

build up (Mroz et al., 1978; Zienkiewicz et al., 1978); or (5) treatment of the soil as a 

two-phase medium (Liou et al., 1977; Blazquez et al., 1980). The soil model used in 

this study is an effective stress model proposed by Iai et al. (1992); and can be briefly 

described as follows: 
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The model is constructed within the framework of plasticity theory but it is 

quite different from the conventional type of plasticity models. First of all, the model 

is defined in strain space. Secondly, the concept of multiple shear mechanism is 

introduced for taking the effect of principal stress axes rotation into account. Thirdly, 

the dilatancy is treated as an additional volumetric strain component in such a manner 

as strains due to creep and temperature are treated in the constitutive equation. The 

behavior of soil under the plane strain condition is basically represented as a relation 

between effective stress and strain defined in terms of such vectors as 
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in which compressive stress and contractive strain will be assumed negative and the 

strain components will be given from displacements u  and v  in x  and y  directions 

by 
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then the basic form of the constitutive relation is given by 
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In this relation, the term { }pdε  in Equation (6.4) represents the additional 

strain increment vector to take the dilatancy into account and is given from the 

volumetric strain increment due to the dilatancy pε  as 

 

 { } { }02/2/ pp
T

p ddd εεε =                                   (6.6) 

 

and the first term in Equation (6.5) represents the volumetric mechanism with 

rebound modulus K  and the direction vector is given by 

 

 ( ){ } { }0110 =
T

n                                             (6.7) 

 

The second term in Equation (6.5) represents the multiple shear mechanism. 

Each mechanism i  = 1,…, I represents a virtual simple shear mechanism, with each 

simple shear plane oriented at an angle 4/2/ πθ +i  relative to the x  axis. A 

schematic figure is shown in Figure 6.2. The tangential shear modulus ( )i
ULR /  

represents the hyperbolic stress strain relationship with hyteresis characteristics. The 

direction vectors for the multiple shear mechanism in Equation (6.5) are given by 

 

 ( ){ } { }iii
Tin θθθ sincoscos −=           (for i  = 1,…, I )            (6.8) 

 

in which 
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The loading and unloading for shear mechanism are separately defined for each 

virtual simple shear mechanism by the sign of ( ){ } { }εdn
Ti . 

 

6.2.2 PHYSICAL BACKGROUND OF THE MODEL 

 

Physical meaning of the strain space multiple mechanism model can be found 

in the mechanics of assembly of sand particles (Iai et al., 1992). In the mechanics of 

assembly of sand particles, stress in sand as defined for continuum is given as a 

certain average of contact forces between the sand particles, which are assumed to be 

spheres. Before taking the average over all the contact forces in a representative 

volume element, the contact forces can be classified according to the directions. To 

define the directions, let us consider a plane of an arbitrary direction and find a class 

of pairs of contact forces and contact normals, both of which are parallel to the plane. 

(If the contact force is parallel to the contact normal, let us equally divide the contact 

force among all the relevant plane.) The average over this class of contact forces 

associated with the plane constitutes a partial stress contribution from “the virtual 

plane strain mechanism”. 

The contact forces within each plane can be further classified according to the 

directions within the plane. To define this level of directions, let us think of a class of 

contact normals of which direction is at an angle 2/iθ  relative to the reference axis 

appropriately defined within the plane. The contact forces can be further partitioned 

into its normal and tangential components as shown in Figure 6.3. Let us individually 

take an average of each component over the class of contacts to form a basic level of 

partial stress contribution. 

To identify the nature of the basic level of partial stress contribution, let us 

consider a pair of those stress contributions associated with the contact normals being 

at right angle. Then it becomes evident that the pair of the normal components 

represents volumetric and compression shear stress contributions and the other pair of 

the tangential components represents a simple shear stress contribution. With the 
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rotation of the reference axis with an angle 4/π , the compression shear stress 

contribution associated with the contact normals at an angle 2/iθ  becomes 

equivalent to the simple shear stress contribution associated with the contact normals 

at an angle 4/2/ πθ +i . By summing up the simple shear stress contributions from 

the normal components at an angle 2/iθ  and the tangential components at an angle 

4/2/ πθ +i , the basic level of shear stress contribution is defined for the i -th  

mechanism of “the virtual simple shear mechanism.” 

To summarize, the stress is composed of the stress contributions from the 

virtual plane strain mechanisms, which are in turn composed of the basic stress 

contributions from the virtual volumetric and simple shear mechanisms. All of these 

contributions are due to the sand particle displacements, which are closely related to 

the average strain as defined for continuum. 

The above-mentioned physical background of the soil model can be 

confirmed through a series of manipulations with the tensors representing the relevant 

quantities (Iai, 1993). 

In what follows, some of the details of the model will be presented in order to 

explain the meaning of the model parameters. 

 

6.2.3 SHEAR MECHANISM 

 

As mentioned earlier, each virtual simple shear mechanism is assumed to 

follow a hyperbolic stress-strain relation with hysteresis given by a rule similar to 

Masing’s rule. Thus, the virtual tangent shear moduli are given for the initial loading 

by 
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in which vQ  = virtual shear strength and vγ  = virtual reference strain. The parameters 

vQ  and vγ  are not directly measurable but they can be readily determined from shear 

strength mτ  and shear modulus of sand at small strain level mG  by 
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The derivation of Equation (6.12) and (6.13) are similar to that shown by Towhata 

and Ishihara (1985). 

For incorporating the hysteresis, the Masing’s rule is modified here in order 

to incorporate the ability to achieve realistic hysteresis loop instead of those given by 

Masing’s rule. The approach for modifying the hysteresis loop is similar to that 

proposed by Ishihara et al. (1985). 

From the above formulation, it becomes evident that the parameters necessary 

for specifying the hyperbolic relation are friction angle '
fφ  and elastic shear modulus 

maG  measured at the reference confining pressure of '
maσ . These parameters 

determine the constant of the hyperbolic relation under the initial effective confining 

pressure of '
moσ  as follows: 

 

 ( ) '' sin fmomo φστ −=                                          (6.14) 

 

 ( ) 5.0'' / mamomamo GG σσ=                                      (6.15) 

 

 momomo G/τγ =                                             (6.16) 
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in which moτ  = shear strength, moG  = elastic shear modulus, and moγ  = reference 

shear strain. 

 

6.2.4 VOLUMETRIC MECHANISM 

 

In order to define the volumetric mechanism, the rebound modulus K  and the 

volumetric strain due to the dilatancy pε  in Equation (6.4) through (6.6) should be 

specified. The rebound modulus K  at the initial confining stress ( )'
moσ−  is given by 

 

 ( ) 5.0''
0 / mamoaKK σσ=                                         (6.17) 

 

Excess pore water pressure, which is directly related to the volumetric strain 

due to the volumetric strain due to the dilatancy pε  is generated by the following rule. 

First of all, a state variable S  is defined as a variable which is equivalent to 

'' / mom σσ  under the undrained condition with a constant total confining pressure. 

This state variable is determined from the shear stress ratio ( )'/ mor στ −=  and the 

liquefaction front parameter 0S , to be defined as a measure of cyclic mobility, to 

simulate the stress path in qp −'  space as follows (see Figure 6.4): 

 

0SS =       (if 3rr < ) 

( ) ( )[ ]213
2

202 / mrrSSSS −+−+=   (if 3rr > )               (6.18) 

 

in which 
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033 Smr =  

( ) 13202 / mrrSS −−=  

fm φsin1 =  

pm φsin2 =           ( pφ  is the phase transformation angle) 

23 67.0 mm =  

 

Secondly, the liquefaction front parameter 0S  appearing in Equation (6.18) is defined 

as a function of the normalized plastic shear work w  (i.e., ns WWw /= , where sW  

= plastic shear work, and 2/momonW γτ= ) as follows (see Figure 6.5): 

 

( ) 1
10 /6.01 pwwS −=    (if 1ww < ) 

( )( ) 1110
2/4.0 SwwSS p +−=   (if 1ww > )                        (6.19) 

 

in which 1S , 1w , 1p , and 2p  are the material parameters which characterize the 

cyclic mobility of sands. Additional parameter 1c  is introduced for computing the 

plastic shear work; this parameter is introduced to explain the existence of the 

threshold limit in the shear stress or strain amplitude for generating excess pore water 

pressures. These parameters are determined by back-fitting to the test results obtained 

under the undrained cyclic loading condition. 

When the effective stress analysis is conducted, the state variable S , given 

by Equation (6.18), is converted into the equivalent volumetric strain of plastic nature 

pε  through the continuity condition, and then is substituted into Equation (6.4). 

 

6.3 COMPUTER PROGRAM FLIP 

 

The model presented in Section 6.2 is coded into the finite element computer 

program FLIP (Finite element analysis of LIquefaction Program) and is used in the 
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analysis of the generation of pore water pressure in this investigation. FLIP was 

developed by Iai et al. of Port and Harbour Research Institute, Japan. In the analysis, 

the equilibrium and mass balance equations for a porous saturated material are used 

with the undrained condition (Zienkiewicz and Bettess, 1982). For more details about 

FLIP, it can be seen from Iai et al. (1990, 1992).  

 

6.4 LIQUEFACTION TESTS ON SANDS USING A CYCLIC 

      TRIAXIAL APPARATUS 

 

Laboratory testing of sands in the vicinity of the studied area were conducted 

by Gauchan (1984) at Asian Institute of technology, Thailand. The reconstituted 

samples were used and its physical properties are summarized in Table 6.1. 

Comparison of gradation between the samples and the sands in the studied area is 

shown in Figure 6.6. The samples were prepared into cylinder of 50 mm in diameter 

and 100 mm in height using dry deposition method and were classified into three 

groups (i.e., loose specimens (Dr = 45-50%), medium dense specimens (Dr = 55-

65%), and dense specimens (Dr = 75-85%)). The samples were then consolidated 

under isotropic condition. For each relative density, undrained cyclic triaxial tests 

were carried out employing three values of effective confining pressures, that is 50, 

100, and 200 kPa. As the cyclic load sinusoidal wave of 1 Hz was used as the input 

wave, the application of the cyclic loading was continued until 10% axial strain in 

double amplitude was observed. The results, plotted as the liquefaction resistance 

curves, are shown in Figure 6.7. 

 

6.5 DETERMINATION OF MODEL PARAMETERS 

 

As seen in the preceding descriptions (Section 6.2), the model has ten 

parameters; two of which specify elastic properties of soil, other two specify plastic 

shear behavior, and the rest specify dilatancy as shown in Table 6.2. These parameters 
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were determined from the SPT N-values, which were corrected to the confining 

pressure of 100 kPa (1 tsf = 10 t/m2 = 1 ksc = 1 atm) as often done in the liquefaction 

potential evaluation (Seed et al., 1985), and the results of the undrained cyclic loading 

tests described earlier. The details in determining the soil parameters were as follows. 

The elastic shear modulus maG  at a reference confining pressure of ( )'
maσ−  

was determined by referring to the correlation between SPT N-values and shear wave 

velocities as previously described in Section 3.5 of Chapter 3. The reference effective 

confining pressure of ( )'
maσ− , which links elastic shear modulus to in situ confining 

pressure for each soil layer, was determined by referring to the 0K  condition in which 

'
0 sin1 fK φ−=  for normally consolidated coarse-grained soils (Jaky, 1944; Brooker 

and Ireland, 1965) and ( )
⎟
⎠
⎞

⎜
⎝
⎛+=

100
%42.044.00

PIK  for normally consolidated fine-

grained soils (Massarsch, 1979). For overconsolidated soils, 0K  can be determined as 

a function of its value in the normally consolidated state using the relationship; 

( ) 5.0
,0,0 OCRKK NCOC =  (adapted from Schmidt, 1966; Alpan, 1967; Schmertmann, 

1975; Ladd et al., 1977). The use of the reference effective confining pressure permits 

a gradual increase in the elastic shear modulus in accordance with a gradual increase 

in confining pressure within each soil layer. Shear resistance angle '
fφ  was estimated 

by referring to a correlation with SPT N-values proposed by Peck, Hanson, and 

Thornburn (1953). The relative density Dr was estimated based on the SPT N-value 

using a relationship proposed by Gibbs and Holz (1957). The hysteretic damping 

factor for an infinitely large shear strain mH  was determined to be 30% by referring 

to the typical laboratory results summarized by Ishihara (1982). 

The rebound modulus or the elastic tangent bulk modulus of soil skeleton aK  

was determined by assuming that Poisson’s ratio is 0.33. The phase transformation 

angle '
pφ , which separates dilative and contractive zones in qp −'  space, was assumed 

to be 30 degrees for clean sand (FC < 5%) and 28 degrees for silty sand by referring 

to the typical value adopted for effective stress analyses of saturated sand (Ishihara et 
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al., 1989). The remaining five parameters 1p , 2p , 1w , 1S , and 1c , which specify 

dilatancy of sand, were determined by the back-fitting to the liquefaction resistance 

curves of the sand as previously mentioned in Section 6.4. Figure 6.8 shows the 

comparison of shear stress ratio against number of cycle between laboratory test 

results and computed. The soil parameters determined in this manner are summarized 

in Table 6.3. More details in the back-fitting procedure as well as the definition of 

each parameter can be found in a paper by Iai et al. (1990). 

 

6.6 RESULTS OF ANALYSES 

 

Finite element analyses based on effective stress model were performed on 

twenty-nine sites within Chiang Mai City and seventeen sites within Chiang Rai City 

using the input parameters as mentioned above. From the analysis results, it can be 

found that the pore water pressure ratio in sand deposits increases with increasing 

probability of liquefaction ( LP ). It should be noted that the pore water pressure ratio 

for clay layer is not resulted by FLIP. 

The relationship between soil amplification and maximum pore water 

pressure ratio is presented in Figure 6.9 and 6.10. From the figures, it is apparent that 

the maximum pore water pressure ratio of sand layer in sand sites is greater than that 

in clay sites. In contrast, the amplification factor in sand sites is less than that in clay 

sites. Note that a sand site is defined as a site that most of soil types are sand. 

Similarly, a clay site is defined as a site that most of soil types are clay. 

Figure 6.11 and 6.12 show the analytical results by plotting the cyclic stress 

ratio (CSR ) for earthquake magnitude of 5.5 obtained from the logistic model as 

mentioned in Chapter 5 against the maximum pore water pressure ratio. The results 

show that the maximum pore water pressure ratio depends on the predominant periods 

of the input motion and tends to decrease with increase in the predominant period. 

This relationship can be used to evaluate the maximum excess pore water pressure of 

sand layer in the city of Chiang Mai and Chiang Rai. 
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Since Chiang Mai and Chiang Rai are located in the seismic zone G which 

probable causes earthquake magnitude (ML) of 5 to 6 with maximum ground 

acceleration ( maxa ) of 0.2g (Figure 3.2 and 3.3). Factor of safety computed following 

Seed et al. (1983) at various values of LP  is then obtained and summarized in Table 

6.4. At LP  of 5%, there are more than 80% of the sandy sites subject to a certain level 

of liquefaction susceptibility. 

Figure 6.13 and 6.14 show the typical analytical results by plotting the 

maximum pore water pressure ratio against the maximum ground acceleration. The 

vertical line crossed at maxa  = 0.2g is drawn for reference. The points located on the 

left of this line represent sites where factor of safety is less than 1.0 (corresponding to 

those shown in Table 6.4). The maximum pore water pressure ratio for cases when LP  

= 5% varies in the range of 0.1 - 0.8. Figure 6.15 and 6.16 show the maximum pore 

water pressure ratio at level of -2.5 m from ground surface. The pore water pressure 

ratio for cases when LP  = 5% varies in the range of 0.1 - 0.5. Although near surface 

sand may not experience liquefaction, factor of safety of shallow foundation can be 

greatly reduced due to decrease in effective stress. 

 

6.7 SUMMARY 

 

This chapter illustrates the use of the finite element method to investigate the 

pore water pressure in sand deposits in the studied area. Several important findings 

from this investigation are summarized below: 

 

1) The pore water pressure ratio in sand deposits increases with increasing 

probability of liquefaction ( LP ). 

2) The maximum pore water pressure ratio of sand layer in sand sites is greater than 

that in clay sites. In contrast, the amplification factor in sand sites is less than that 

in clay sites. 
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3) The maximum pore water pressure ratio depends on the predominant periods of 

the input motion and tends to decrease with increase in the predominant period. 

4) Although near surface sand in the studied area may not experience liquefaction, 

factor of safety of shallow foundation can be greatly reduced due to decrease in 

effective stress. 



CHAPTER 7 

 

CONCLUSIONS AND RECOMMENDATIONS 

 

7.1 CONCLUSIONS 

 

In this thesis, the amplification of earthquake ground motion, liquefaction 

probability, and the generation of pore water pressure due to medium earthquakes in 

the northern part of Thailand, particularly Chiang Mai and Chiang Rai, were studied. 

Due to the lack of strong motion record in Thailand, three input motions recorded 

from elsewhere with different predominant periods were adopted. Soil properties used 

as input to the analyses, specifically shear wave velocity, were estimated using 

existing correlations with field and laboratory data. Seismic site response analyses 

were conducted using the computer program SHAKE to quantify the potential 

amplification of earthquake ground motions in the cities due to soil effects. 

The binary logistic regression technique using the worldwide liquefaction 

database was used to form the probabilistic base correlation between cyclic stress 

ratio and the SPT resistance for evaluating the liquefaction probability. Subsequently, 

the finite element program based on effective stress model called FLIP was used to 

evaluate the generation of pore water pressure in sand deposits corresponding to 

various probability values. The laboratory test results on undrained cyclic triaxial of 

sands were used to obtain some effective stress parameters required in the effective 

stress model. The following conclusions are drawn from the study: 

 

1) The soil profile underlying the city of Chiang Mai and Chiang Rai has the ability 

to amplify earthquake ground motions 1.5 to 3 times. The amount of this 

amplification was found to decrease with increasing bedrock acceleration. This 

amplification depends on the local site conditions, the level of acceleration in the 
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underlying rock-like material, and the predominant periods and characteristics of 

the input motion. 

2) The models obtained from the probabilistic method are based on the Seed and 

Idriss (1971) parameterization and employ the magnitude cyclic stress ratio CSR  

as a measure of earthquake load; and use the corrected/normalized SPT value 

601 )(N  as a measure of soil-liquefaction resistance. 

3) In the probability charts (Figure 5.3 and 5.4), the probabilistic line at LP  = 30% 

well traces the deterministic criteria for clean sand base curve proposed by Seed et 

al. (1985). Therefore, the success rate line which is drawn to separate events of 

liquefaction and non-liquefaction is determined based on LP  = 30% line. 

4) The probabilistic procedure provides more statistical rigorous criteria for defining 

liquefaction resistance than was used in the original development of the 

deterministic or simplified procedure suggested by Seed and Idriss (1971). As 

with all empirical methods, however, the quality of the results are strongly 

dependent on the quantity and quality of the compiled input data. 

5) With the proper input soil model parameters, the finite element method can be 

powerful and versatile analytical tool for studying the generation of pore water 

pressure in sand deposits due to earthquake shaking. 

6) The pore water pressure ratio in sand deposits increases with increasing 

probability of liquefaction ( LP ). 

7) The maximum pore water pressure ratio of sand layer in sand sites is greater than 

that in clay sites. In contrast, the amplification factor in sand sites is less than that 

in clay sites. 

8) The maximum pore water pressure ratio depends on the predominant periods and 

characteristics of the input motion and tends to decrease with increase in the 

predominant period. 

9) The charts correlating the liquefaction probability, estimated excess pore water 

pressure and peak ground acceleration proposed in this study can be used as a 
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simple tool for estimating excess pore water pressure in sand deposits due to 

earthquake shaking in the city of Chiang Mai and Chiang Rai.  

10) Although near surface sand in the studied area may not experience liquefaction, 

factor of safety of shallow foundation can be greatly reduced due to decrease in 

effective stress. 

11) The probabilistic procedure for evaluating liquefaction potential proposed in this 

study have the primary advantage for engineering applications is that the user can 

select an appropriate probability level of risk of occurrence for analyzing 

liquefaction hazard. Therefore, The developed method has the potential of 

becoming a practical tool for engineers involved in the assessment of liquefaction 

potential. 

 

7.2 RECOMMENDATIONS FOR FUTURE RESEARCH 

 

Several other subjects related in this research have been identified that need 

further investigation. The needs are summarized below: 

 

1) Additional strong motion records should be used as input motions to make the 

study more complete, including both actual seismograms from far-field sites and 

near-field sites; and synthetic seismograms with frequency contents or 

predominant periods matching the expected seismicity of the region. 

2) The estimate of expected peak rock acceleration in Chiang Mai and Chiang Rai 

must be refined. This refinement would necessarily include definition and 

characterization of active faults that are likely to affect the cities. 

3) The soil properties used in the analyses, particularly shear wave velocity and 

variation of shear modulus and damping with strain, must be better defined. This 

would include additional in situ testing for shear wave velocity and sophisticated 

laboratory testing for determining the variation of shear modulus and damping 

with shear strain. Although the published correlations and relationships used in 
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this study are often sufficient, it would seem prudent to develop relationships 

specifically for soil underlying Chiang Mai and Chiang Rai; the capital of the 

northern region of Thailand. 

4) The depth to rock like material must be better determined through in situ testing to 

at least  a depth of 160 m or more, in order to obtain the better analysis results. 

5) The effects of several variables on the liquefaction probability, such as fines 

content (FC), gravel content (GC), and median grain size (D50), were not included 

in the proposed models due to limitations in the data. They should be included in 

the probability models once the complete database is obtained. 

6) In this study, the soil liquefaction resistance was measured by the standard 

penetration test (SPT). Though this test is relatively crude, it is one of the few 

measurements that provide a direct link between actual observations of 

liquefaction and soil properties. However, measurements from other in situ tests, 

such as the cone penetration test (CPT), the shear wave velocity test (Vs), and the 

Becker penetration test (BPT), are now being correlated to liquefaction 

performance. Logistic regression can also be applied to these measurements, once 

a significant database has been established. 
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Table 1.1. Examples of recent earthquakes felt in Thailand 
 

Date 
 

Magnitude Center Were Felt at 

April 22, 1983 5.9 Kanchanaburi, 
Thailand 

Bangkok, Western and 
northern parts 

November 6, 1988 7.3 Southern of China 
(1,000 km from 

Bangkok) 

Bangkok, Western and 
northern parts 

September 29 – 
October 1, 1989 

5.3 – 5.4  
Several quakes 

Western part 
 

Bangkok, Western and 
northern parts 

September 11, 1994 5.5 Phan District 
(Northern part) 

Northern parts 

January 22, 2003 7.5 Sumatra Island 
(1,000 km from 

Bangkok) 

Bangkok 

September 22, 2003 6.6 Burma 
(850 km from 

Bangkok) 

Bangkok and Northern 
parts 
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Table 2.1. Modified Mercalli intensity scale (Kramer, 1996) 
 

Intensity Observed Effects of Earthquake 
I Not felt except by very few under especially favorable conditions. 
II Felt only by a few persons at rest, especially by those on upper floors 

of buildings. Delicately suspended objects may swing. 
III Felt quite noticeably by persons indoors, especially in upper floors of 

buildings. Many people do not recognize it as an earthquake. 
Standing vehicles may rock slightly. Vibrations similar to the 
passing of a truck. Duration estimated. 

IV During the day, felt indoors by many, outdoors by a few. At night, 
some awakened. Dishes, windows, doors disturbed; walls make 
cracking sound. Sensation like heavy truck striking building. 
Standing vehicles rock noticeably. 

V Felt by nearly everyone; many awakened. Some dishes, windows 
broken. Unstable objects overturned. Pendulum clocks may stop. 

VI Felt by all, many frightened. Some heavy furniture moved. A few 
instances of fallen plaster. Damage slight. 

VII Damage negligible in buildings of good design and construction; 
slight to moderate in well-built ordinary structures; considerable 
damage in poorly built structures. Some chimney broken. 

VIII Damage slight in specially designed structures; considerable damage 
in ordinary substantial buildings, with partial collapse. Damage great 
in poorly built structures. Fallen chimneys, factory stacks, columns, 
monuments, walls. Heavy furniture overturned. 

IX Damage considerable in specially designed structures; well-designed 
frame structures thrown out of plumb. Damage great in substantial 
buildings, with partial collapse. Buildings shifted off foundations. 

X Some well-built wooden structures destroyed; most masonry and 
frame structures with foundations destroyed. Rails bent. 

XI Few, if any, masonry structures remain standing. Bridges destroyed. 
Rail bent greatly. 

XII Damage total. Lines of sight and level are destroyed. Objects thrown 
into air. 

 
 
Table 2.2. Richter magnitude scale (ML) 
 

Magnitude ML Possible Effects 
0 
1 
2 

Normally only detected by instruments 

3 
4 Faint tremor causing little damage 

5 Structural damage 
6 
7 Distinct shaking, less well-constructed building collapse 

8 Large buildings destroyed 
9 Ground seems to shake 
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Table 2.3. Parameters affecting shear modulus and damping of soils subjected to 
dynamic loading (Hardin and Drnevich, 1972a) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table 2.4. Values of uSGmax  (Weiler, 1988) 
 

Overconsolidation Ratio, OCR Plasticity Index 1 2 5 
15-20 1100 900 600 
20-25 700 600 500 
35-45 450 380 300 

 
 
 
Table 2.5. Parameters for Ohsaki and Iwasaki (1973) relationship between SPT N-
value and Vs (Sykora, 1987) 
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Table 2.6. Ohta and Goto (1976) relationships between SPT N-value and Vs (Sykora, 
1987) 
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Table 2.7. Imai and Tonouchi (1982) relationships between SPT N-value and Vs 
(Sykora, 1987) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table 2.8. Effect of environmental and loading conditions on modulus ratio (at given 
strain level) of normally consolidated and moderately overconsolidated soils 
(modified from Dobry and Vucetic, 1987) 
 

Increasing Factor G/Gmax 
Confining pressure, '

mσ  Increase with '
mσ ; effect decreases with increasing 

PI 
Void ratio, e Increases with e 
Geologic age, tg May increase with tg 
Cementation, c May increase with c 
Overconsolidation ratio, OCR Not affected 
Plasticity index, PI Increases with PI 
Cyclic strain, cγ  Decreases with cγ  
Strain rate, γ&  G increases with γ& , but G/Gmax probably not 

affected if G and Gmax are measured at same γ&  
Number of loading cycles, N Decreases after N cycles of large cγ  (Gmax measured 

before N cycles) for clays; for sands, can increase 
(under drained conditions) or decrease (under 
undrained conditions) 
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Table 2.9. Effect of environmental and loading conditions on damping ratio of 
normally consolidated and moderately overconsolidated soils (modified from Dobry 
and Vucetic, 1987) 
 

Increasing Factor Damping ratio, ξ 
Confining pressure, '

mσ  Decreases with '
mσ ; effect decreases with increasing 

PI 
Void ratio, e Decreases with e 
Geologic age, tg Decreases with tg 
Cementation, c May decrease with c 
Overconsolidation ratio, OCR Not affected 
Plasticity index, PI Decreases with PI 
Cyclic strain, cγ  Increases with cγ  
Strain rate, γ&  Stays constant or may increase with γ&  
Number of loading cycles, N Not significant for moderate cγ  and N 
 
 
 
Table 2.10. Magnitude scaling factor (Seed and Idriss, 1982) 
 

Anticipated Earthquake Magnitude Magnitude Scaling Factor (MSF) 
5.5 1.43 
6.0 1.32 
6.5 1.19 
7.0 1.08 
7.5 1.00 
8.0 0.94 
8.5 0.89 
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Table 3.1. Maximum estimated ML for seismic source zones in Thailand region (after 
Nutalaya et al., 1985 and modified by Warnitchai and Lisantono, 1996) 
 

Zone Name Maximum ML 
A Arakan Coastal Area 6.75 
B West-Central Burma Basin 7.40 
C East-Cebtral Burma Basin 7.75 
D Bhamo-Paoshan Area 5.96 
E Burma Eastern Highlands 7.30 
F Tenasserim Range 7.90 
G Northern Thailand 6.50 
H North Indochina 6.75 
I South Yunnan-Kwangsi 8.38 
J Andaman Arc 7.20 
K Andaman Basin 6.50 

 
 
 
Table 3.2. Summary of input motions used in analyses 
 
Earthquake Year Station amax (g) Tp (sec) 
Northridge 1994 Topanga 0.33 0.31 
El Centro 1940 El Centro 0.34 0.68 

Loma Prieta 1989 Yerba Buena Island 0.065 1.41 
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Table 6.1. Physical properties of sand used in cyclic triaxial test (Gauchan, 1984) 
 

Gs D50 (mm) Cu emax emin γmax (t/m3) γmin (t/m3) 
2.64 0.72 3.52 0.88 0.54 1.71 1.40 

 
 
 
Table 6.2. Model parameters (Iai et al., 1993) 
 

Parameter Type of Mechanism Kind of the Parameter 
maK  Elastic volumetric Rebound modulus 

maG  Elastic shear Shear modulus 

fφ  Plastic shear Shear resistance angle 

pφ  Plastic dilatancy Phase transformation angle 

mH  Plastic shear Hysteretic damping factor at large shear 
strain level 

1p  Plastic dilatancy Initial phase of dilatancy 

2p  Plastic dilatancy Final phase of dilatancy 

1w  Plastic dilatancy Overall dilatancy 

1S  Plastic dilatancy Ultimate limit of dilatancy 

1c  Plastic dilatancy Threshold limit 
 
 
 
Table 6.3. Model parameters for dilatancy 
 

Dr (%) 1w  1p  2p  1c  1S  
45-50 38.5 0.7 0.4 1.0 0.005 
55-65 9.5 0.6 0.5 1.0 0.005 
75-85 18.8 0.6 0.8 1.0 0.005 
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Table 6.4. Summary of the estimated values of factor of safety based on the 
procedure proposed by Seed et al. (1983) 
 

Chiang Mai Chiang Rai 
Factor of Safety Factor of Safety Site 

no. PL = 5% PL = 10% PL = 30% 
Site 
no. PL = 5% PL = 10% PL = 30%

1 0.51 0.64 0.95 1 2.74 3.40 5.03 
2 0.51 0.63 0.94 2 1.39 1.72 2.55 
3 0.66 0.82 1.21 3 2.01 2.50 3.70 
4 1.26 1.56 2.31 4 0.84 1.03 1.53 
5 1.68 2.08 3.08 5 0.36 0.45 0.67 
6 0.57 0.70 1.03 6 0.60 0.74 1.10 
7 1.23 1.52 2.25 7 1.00 1.24 1.83 
8 0.83 1.02 1.51 8 0.99 1.23 1.82 
9 0.64 0.79 1.17 9 1.26 1.57 2.32 
10 0.89 1.10 1.63 10 0.77 0.96 1.42 
11 1.23 1.52 2.25 11 0.49 0.61 0.90 
12 1.80 2.23 3.30 12 1.05 1.30 1.92 
13 1.66 2.06 3.06 13 0.86 1.06 1.57 
14 0.69 0.87 1.27 14 0.50 0.63 0.93 
15 0.87 1.08 1.60 15 1.05 1.30 1.93 
16 0.50 0.62 0.92 16 10.24 12.72 18.81 
17 0.52 0.65 0.96 17 0.78 0.98 1.44 
18 0.58 0.71 1.06 
19 1.42 1.77 2.61 
20 0.81 1.00 1.48 
21 1.09 1.35 1.99 
22 1.03 1.29 1.91 
23 1.95 2.43 3.59 
24 0.85 1.05 1.55 
25 0.65 0.82 1.20 
26 2.04 2.53 3.74 
27 1.06 1.31 1.93 
28 0.45 0.56 0.83 
29 0.86 1.07 1.58 
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Fig. 1.1. Evidence indicating the occurrence of liquefaction in the northern area of 
Thailand 
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Fig. 1.2. General study methodology adopted 
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Fig. 1.3. Example of deterministic method of liquefaction evaluation derived from 
empirical data for soils with D50 > 0.25 mm (Seed et al., 1983) 
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(a) 

(b) 

(c) 

(d) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2.1. Earthquake terminology (Lindeburg, 1998) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.2. Types of seismic waves: (a) P-wave; (b) S-wave; (c) R-wave; (d) L-wave 
(Kramer, 1996) 
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Fig. 2.3. Typical seismometer amplitude trace (Lindeburg, 1998) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2.4. Richter magnitude correction nomograph (Lindeburg, 1998) 
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Fig. 2.5. Two hypothetical Fourier amplitude spectra with the same predominant 
period but very different frequency contents. The upper curve describes a wideband 
motion and the lower a narrowband motion 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2.6. Variation of k-coefficient with plasiticity index (Dickenson, 1994) 
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Fig. 2.7. Backbone curve showing typical variation of Gsec with shear strain 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2.8. Variation of the modulus ratio with shear strain 
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Fig. 2.9. Modulus reduction curves for fine-grained soils of different plasticity 
(Vucetic and Dobry, 1991) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.10. Influence of mean effective confining pressure on modulus reduction 
curves for (a) nonplastic (PI = 0) soil, and (b) plastic (PI = 50) soil (Ishibashi, 1992) 
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Fig. 2.11. Variation of damping ratio of fine-grained soil with cyclic shear strain 
amplitude and plasticity index (Vucetic and Dobry, 1991) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.12. Ground response nomenclature: (a) soil overlying bedrock; (b) no soil 
overlying bedrock 
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Fig. 2.13. Relationship between hysteresis loop and: (a) shear modulus; (b) damping 
ratio 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.14. Iteration toward strain-compatible shear modulus and damping ratio in 
equivalent linear analysis 
 
 
 
 
 
 
 

 (a) (b) 
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Fig. 2.15. Kanai’s amplification factor for soft ground (Kanai, 1957) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.16. Approximate relationships between peak accelerations on rock and other 
local site conditions (Seed et al., 1976) 
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Fig. 2.17. Approximate relationship between peak accelerations on rock and soft soil 
sites (Idriss, 1990) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.18. Average normalized response spectra (5% damping) for different local site 
conditions (Seed et al., 1976) 
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Fig. 2.19. Relationship between limiting epicentral distance of sites at which 
liquefaction has been observed and moment magnitude for shallow earthquakes. Deep 
earthquakes (focal depths > 50 km) have produced liquefaction at greater distances. 
(Ambraseys, 1988) 
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  (a) 

(b) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.20. Cyclic shear stresses on soil element during ground shaking: (a) idealized 
field loading conditions; (b) shear stress variation determined by response analysis 
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Fig. 2.21. Lateral spreading adjacent to a river channel: (a) before earthquake; (b) 
after earthquake (Youd, 1984) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.22. Examples of flow failure caused by liquefaction and loss of strength of soils 
lying on a steep slope 

(b) 

(a) 
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(a) 

(b) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.23. Formation of water interlayers in shaking table tests of Liu and Qiao, 
(1984) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.24. Ground oscillation: (a) before earthquake; (b) after earthquake (Youd, 
1984) 
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Fig. 2.25. Example of structure tiled due to loss of bearing strength. Liquefaction 
weakens the soil reducing foundation support which allows heavy structures to settle 
and tip. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2.26. Tilting of apartment buildings, Niigata (1964) 
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Fig. 2.27. Procedure for determining maximum shear stress, ( )rmaxτ  (Seed and Idriss, 
1982) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.28. dr  versus depth curves developed by Seed and Idriss (1971) with add 
mean-value lines plotted from Eq. (2.34) (Youd and Idriss, 2001) 
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Fig. 2.29. Time history of shear stresses during earthquake (Seed and Idriss, 1982) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.30. Plot used to determine the cyclic resistance ratio for clean and silty sands 
for M = 7.5 earthquakes (Seed et al., 1985) 
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Fig. 2.31. Approximate relationships between the moment magnitude scale Mw and 
other magnitude scales. Shown are the short-period body wave magnitude scale mb, 
the local magnitude scale ML, the long-period body wave magnitude scale mB, the 
Japan Meteorological Agency magnitude scale MJMA, and the surface-wave 
magnitude scale MS (reproduced from Day, 2002) 
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Fig. 2.32. Variation of correction factor, αK , with initial shear/normal stress ratio 
(Seed and Harder, 1990) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2.33. Variation of correction factor, σK , with effective overburden pressure 
(Seed and Harder, 1990) 
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Fig. 3.1. Location of the study area 
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Fig. 3.2. Seismic source zones in Thailand and vicinity (Nutalaya et al., 1985) 
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Fig. 3.3. Map showing contours of peak ground acceleration (in units of acceleration 
of gravity) with 10% chance of being exceeded in a 50-year exposure time, and 
seismic zones for earthquake-resistant design (Wanitchai and Lisantono, 1996) 
 
 
 
 
 
 
 
 
 



 139

Chotana Rd.
Prok-klao Rd. 

Charoenmuang Rd. 
Suthep Rd. Ratchadamnoen Rd. 

Ping River 

Chotana Rd. 

  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3.4. Typical subsoil section in Chiang Mai Province (modified from Anantasech 
and Thanadpipat, 1985) 
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Fig. 3.5. Typical subsoil profile in Chiang Rai province 
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Fig. 3.6. Examples of the soil profiles and soil properties collected from Chiang Mai 
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Fig. 3.7. Examples of the soil profiles and soil properties collected from Chiang Rai 
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Fig. 3.8. Grain size distribution of sands: (a) Chiang Mai; (b) Chiang Rai 
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Fig. 3.9. Acceleration time history of input motions 
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Fig. 3.10. Acceleration response spectra of input motions used in this study 
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Fig. 4.1. One-dimensional idealization of a horizontally layered soil deposit over a 
uniform half-space (Idriss and Sun, 1992) 
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Fig. 4.2. Shear modulus and damping variation with shear strain for clays of varying 
plasticity (Vucetic and Dobry, 1991) 
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Fig. 4.3. Shear modulus and damping variation with shear strain for sands (Seed et al., 
1984) 
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Fig. 4.4. Variations of amplification factors with base rock acceleration in Chiang 
Mai 
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Fig. 4.5. Variations of amplification factors with base rock acceleration in Chiang Rai 
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Fig. 4.6. Comparison between peak ground accelerations of Chiang Mai and observed 
results from 1985 Mexico and 1989 Loma Preita earthquakes (modified from Idriss, 
1991) 
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Fig. 4.7. Comparison between peak ground accelerations of Chiang Rai and observed 
results from 1985 Mexico and 1989 Loma Preita earthquakes (modified from Idriss, 
1991) 
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Fig. 5.1. Example of deterministic method of liquefaction evaluation derived from 
empirical data for soils with D50 > 0.25 mm (Seed et al., 1983) 
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Fig. 5.2. Example of liquefaction data catalog (Liao and Whitman, 1986a) 
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Fig. 5.3. Contours of equal probability of liquefaction ( LP ) for magnitude, M = 7.5 
with deterministic line by Seed et al. (1985) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 5.4. Contours of equal probability of liquefaction ( LP ) for magnitude, M = 5.5 
with deterministic line modified from Seed et al. (1985) 
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Fig. 6.1. Flow diagram for evaluation of pore water pressure generation 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6.2. Schematic figure for multiple simple shear mechanisms (pairs of circles 
indicate mobilized virtual shear strain in positive and negative modes of compression 
shear and simple shear) (Iai et al., 1992) 
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Fig. 6.3. Schematic figure of contact normal nk, tangential direction tk and contact 
force increment dPk (Iai et al., 1993) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6.4. Schematic figure of liquefaction front, state variable S  and shear stress ratio 
r  (Iai et al., 1992) 
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Fig. 6.5. Relationship between normalized plastic shear work w  and liquefaction 
front parameter 0S  (Iai et al., 1992) 
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Fig. 6.6. Grain size distribution of sands: (a) Chiang Mai; (b) Chiang Rai 
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Fig. 6.7. Liquefaction resistance curves from undrained cyclic triaxial test (Gauchan, 
1984) 
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Fig. 6.8. Test and computed liquefaction resistance curves 
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Fig. 6.9. Relationship between amplification factor and maximum pore water pressure 
ratio for Chiang Mai 
 
 
 



 163

0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0 2.5
Amplification Factor, Aground/Arock

M
ax

. P
or

e 
W

at
er

 P
re

ss
ur

e 
R

at
io

, ∆
u/
σ v

'

Sand Site Clay Site Tp (sec)
0.31
0.68
1.41

Chiang Mai (PL = 0.30)

0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0 2.5
Amplification Factor, Aground/Arock

M
ax

. P
or

e 
W

at
er

 P
re

ss
ur

e 
R

at
io

, ∆
u/
σ v

'

Sand Site Clay Site Tp (sec)
0.31
0.68
1.41

Chiang Mai (PL = 0.50)

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6.9. Relationship between amplification factor and maximum pore water pressure 
ratio for Chiang Mai (cont.) 
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Fig. 6.10. Relationship between amplification factor and maximum pore water 
pressure ratio for Chiang Rai 
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Fig. 6.10. Relationship between amplification factor and maximum pore water 
pressure ratio for Chiang Rai (cont.) 
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Fig. 6.11. Relationship between cyclic stress ratio for earthquake magnitude of 5.5 
and maximum pore water pressure ratio for Chiang Mai 
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Fig. 6.12. Relationship between cyclic stress ratio for earthquake magnitude of 5.5 
and maximum pore water pressure ratio for Chiang Rai 
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Fig. 6.13. Relationship between maximum ground acceleration and maximum pore 
water pressure ratio for Chiang Mai 



 169

0.0

0.2

0.4

0.6

0.8

1.0

0.00 0.10 0.20 0.30 0.40 0.50 0.60 0.70 0.80 0.90 1.00

Max. Ground Acceleration (g)

M
ax

. P
or

e 
W

at
er

 P
re

ss
ur

e 
R

at
io

, ∆
u /
σ

v'

PL=0.05

PL=0.10

PL=0.30

PL=0.50

Chiang Rai Subsoils
Input Motion: Topanga

Predominant Period = 0.31 sec.

FS < 1.0

PL = 0.05

PL = 0.10

PL = 0.30
PL = 0.50

0.0

0.2

0.4

0.6

0.8

1.0

0.00 0.10 0.20 0.30 0.40 0.50 0.60 0.70 0.80 0.90 1.00

Max. Ground Acceleration (g)

M
ax

. P
or

e 
W

at
er

 P
re

ss
ur

e 
R

at
io

, ∆
u/
σ v

'

PL=0.05

PL=0.10

PL=0.30

PL=0.50

Chiang Rai Subsoils
Input Motion: El Centro

Predominant Period = 0.68 

PL=0.05

PL=0.10

PL=0.30

FS < 1.0

PL=0.50

0.0

0.2

0.4

0.6

0.8

1.0

0.00 0.10 0.20 0.30 0.40 0.50 0.60 0.70 0.80 0.90 1.00

Max. Ground Acceleration (g)

M
ax

. P
or

e 
W

at
er

 P
re

ss
ur

e 
R

at
io

, ∆
u/
σ v

'

PL=0.05

PL=0.10

PL=0.30

PL=0.50

PL=0.05

PL=0.10

PL=0.30

Chiang Rai Subsoils
Input Motion: Yerba

Predominant Period = 1.41 sec.

FS < 1.0 PL=0.50

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6.14. Relationship between maximum ground acceleration and maximum pore 
water pressure ratio for Chiang Rai 
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Fig. 6.15. Relationship between maximum ground acceleration and maximum pore 
water pressure ratio at GL -2.5 m for Chiang Mai 
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Fig. 6.16. Relationship between maximum ground acceleration and maximum pore 
water pressure ratio at GL -2.5 m for Chiang Rai 
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Liquefaction data catalog compiled by Liao and Whitman (1986a) 
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Liquefaction data catalog compiled by Liao and Whitman (1986a) (cont.) 
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Liquefaction data catalog compiled by Liao and Whitman (1986a) (cont.) 
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Liquefaction data catalog compiled by Liao and Whitman (1986a) (cont.) 
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